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ABSTRACT

Beam-column joints play a vital role in the behaviours of moment-resisting frames.
Lessons from various earthquakes have indicated that if the joints are damaged, the
building may collapse, even though beams and columns remain intact. Most of the
existing studies have focused on monolithic and wet joints due to their good
performance in load-carrying capacity, stiffness, energy dissipation (ED), and
ductility. However, there have been still some disadvantages in these joint types, such
as longer construction time, higher construction cost, low-quality control, and more
negative impacts on the environment, as compared to precast joints. For precast dry
joints, beams and columns are cast in factories before they are assembled in
construction sites. Therefore, the application of precast dry joints could effectively
resolve the above disadvantages of the conventional monolithic joints. Nevertheless,
the application of precast joints in practice is still limited compared to monolithic joints
due to disadvantages related to strength, ductility, and corrosion resistance. For
example, corrosion of the connecting elements may lead to deterioration or even
destruction of the entire building. Additionally, the expenditure to maintain and repair
deteriorated members in some circumstances can be incredibly more costly than the
original new ones. Therefore, it is necessary to propose new precast dry joint types
which can replace the conventional monolithic joints while satisfying the requirements
for applications in non-seismic and seismic regions and requiring minimum

maintenance to overcome corrosion-related deterioration.

Moreover, natural or man-made disasters can generate impact loading, which usually
occur suddenly without any warnings. Rockfalls and landslides are two of many
typical examples of these disasters which occur in many areas across the world due to
various reasons such as erosion and earthquake. Rockfalls and landslides can destroy
infrastructure and buildings, potentially costing millions of dollars per event.
Surprisingly, there is still a lack of standards and design guides for concrete structures
against impact loads, especially beam-column joints due to the inadequate studies and
understanding of the structural performances under impact loads. The response and
failure pattern of structures under impact loading are different from those under static
and earthquake loads. Consequently, the current standards for static and earthquake
loadings could not be applied to design structures against impact and blast loads. For



the above reasons, investigating the dynamic response of concrete structures including,

beams, columns, and beam-column joints is deemed necessary.

Another challenging issue around the globe is the alarming increase of CO2 emission
from cement production due to the ever-growing demand for construction. CO;
emission is also responsible for global warming which has negative effects on human
health and our planetary ecology. Therefore, it is urgently needed to discover new
“green” binders which could completely or partially replace the ordinary portland
cement in construction. The application of geopolymer concrete (GPC) into the
construction sector is a new trend attracting a growing amount of research and
applications. The use of GPC to replace ordinary Portland concrete (OPC) offers
numerous benefits including, but not limited to, reuse of industrial wastes, reduction
of CO, excellent acid resistance, good bond strength between GPC and
reinforcements, and high strength. Therefore, GPC is a so-called “green” material in
the construction industry. It means GPC can effectively replace OPC to reduce
industrial waste and carbon footprint releasing into the atmosphere while GPC

members still satisfy structural requirements.

Recognising all the above challenging issues, the studies presented in this dissertation
successfully developed new sustainable, durable and resilient precast concrete beam-
column joints with excellent performance for use in both earthquake and non-
earthquake regions. The newly developed joints provide numerous advantages that
cannot be found in typical monolithic beam-column joints such as (1) faster
construction, (2) better quality control, (3) easier replacement and repairing of
damaged components, i.e., more resilient to adverse effects, (4) recycling industry by-
product materials and (5) unsusceptible to corrosion damage. Various new and
advanced materials were used in this new joint including GPC, fibre reinforced
concrete (FRC) with synthetic and steel fibres, and fibre reinforced polymer (FRP)
bolts and FRP rebars. The application of GPC in this project not only effectively reuse
the industrial and residential wastes but also reduce CO2 emission, therefore
contributing to the development of sustainable and carbon-zero construction
technology. Moreover, the use of FRP material can increase the life span of structures
due to its durable and non-corrosive properties and reduce the lifecycle maintenance
cost of the structure. There have been no such precast joints available in the market.

The excellent performance of the newly developed joints has been experimentally,



numerically and analytically verified under normal structural design loads, as well as
cyclic and impact loads. Hence, these newly proposed precast joint types can be used
to replace the conventional monolithic joints in construction. To facilitate the practical
application, analytical models and design procedures of the new joints have been also

developed in this dissertation.

This dissertation consists of seven Chapters. An overview of research objectives,
methodologies are presented in Chapter 1. A newly proposed dry joint for moment-
resisting frames was investigated in Chapter 2. The exciting results indicated that the
proposed dry joints showed better performances compared to the reference monolithic
joint in terms of load-carrying capacity, energy dissipation, and stiffness. Therefore,
the proposed dry joints can be plausibly applied to prefabricated constructions in non-
seismic and seismic areas. To increase the shear and tensile resistances of the joints,
steel rebars are often used but the number of rebars is limited due to the congestion in
this location. Considering these issues, the use of FRC in these joints was investigated
in Chapter 3 and demonstrated to be a good choice to significantly improve their
performance. An analytical model to estimate the capacity of the proposed dry joint
using OPC and FRC was also proposed in Chapter 3. Although the ambient-cured GPC
and precast beam-column joints offer many advantages as mentioned previously, there
are no studies investigating the performance of precast beam-column joints made of
GPC in the literature yet. Therefore, the behaviour of ambient-cured GPC dry and
monolithic joints was investigated in Chapter 4. A comprehensive design procedure of
the GPC dry joint was also proposed in this chapter. In Chapter 5, numerical models
using ABAQUS were built to further examine the performances of beam-column joints
tested in Chapters 3 and 4. The influences of some parameters which could not be
measured in experiments were investigated in Chapter 5. Finally, to offer more options
for designers and users, a newly proposed hybrid joint using synthetic and steel fibres
was proposed in Chapter 5. The application of synthetic and steel fibres significantly
increased the capacities of the hybrid joints. Therefore, the use of hybrid joints could
effectively resolve the disadvantage of dry joints related to a poorly architectural
appearance. In Chapter 6, the impact performance of monolithic and proposed dry
joints using GFRP bolts, GFRP reinforcements, and different fibre types subjected to
pendulum impact was investigated. The proposed dry joints reinforced with fibres and

GFRP bars showed better behaviour in terms of energy dissipation, reduced damage



level, and reduced maximum and residual displacement as compared to the monolithic
joints. In addition, the application of GFRP reinforcements, GFRP bolts, synthetic
fibres in both precast and monolithic joints effectively mitigates the corrosion while
still satisfies design requirements in both strength and ductility. Finally, the new

findings and recommendations for future studies are summarised in Chapter 7.
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CHAPTER 1: INTRODUCTION

1.1 Background

Beam-column joints play a crucial role in reinforced-concrete (RC) structures under
earthquake loading because they support adjacent members such as beams and
columns and maintain the structures’ integrity [1]. There are two types of beam-
column joints including conventional monolithic and precast joints. The precast joints
can be categorized into three main types including dry, wet, and hybrid joints. The
beams and columns in dry joints are completely cast in the factories and they are
delivered to the construction site for assembling so no formwork is required. Bolts and
tendons are often used to connect precast beams to precast columns. Although most
parts of the beams and columns in wet joints are also cast in the factories, concrete
needs to be filled into the joint area after the assembling process. The formwork and
scaffold are required until the filled concrete can resist the load. Hybrid joints lay in
between wet and dry joints. The concrete also needs to be filled but without or requires
only simple formwork. It is because the filling concrete in hybrid joints can resist the
load after the assembling process. The comparisons between these joint types are
presented in Table 1. Recently, dry and hybrid beam-column joints in precast concrete
structures attract increasing interest because these joint types offer various benefits
such as shorter construction time, lower construction cost, easier control of
construction quality, less environmental impact, more effective applications of the new
technologies and materials (e.g., 3D-printing, geopolymer, and fibre reinforced
concrete), and easier replacing and recycling of damaged components toward resilient
structures [2], compared to the conventional monolithic joints. Nevertheless, the
application of dry and hybrid joints in practice is still limited, compared to monolithic
joints. Beams and columns in precast structures are cast separately in factories before
they are delivered to the construction site for assembly. Strength, ductility, drift ratio
(DR) and energy dissipation capacity of precast joints are often lower than those of the
monolithic joints owing to discontinuity of concrete and reinforcement in the precast
joints. In addition, the connecting components in the conventional precast joints (e.g.,
steel bolts, tendons, and plates) might not be properly protected against corrosion.
Therefore, it may cause deterioration or even collapse of the buildings, especially when
the building is located near the sea [3]. For example, According to Koch et al. [4], $8.3
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billion is the annual costs of corrosion for highway bridges in the USA, including
maintenance costs for replacing structurally deficient bridges ($3.8 billion), for
concrete bridge decks ($2.0 billion), for concrete substructures ($2.0 billion), and for
painting of steel bridges ($0.5 billion). In some circumstances, the cost of maintenance
and repairing of damaged components can be higher than that of making new ones [5,
6]. Recognising the above advantages and disadvantages of precast joints, this
dissertation proposed new precast joints which can utilise full advantage of precast
joints while effectively resolving their disadvantages. The proposed precast joints in

this dissertation consist of the following innovations:

Excellent performance for use in seismic-prone regions: Most of the current studies
on the beam-column joints have concentrated on the monolithic and wet joints owing
to their good performances [7-9]. There have been a limited number of studies
investigating dry joints in the literature. A few studies [10-12] examined the dry joints
under cyclic loading using unbonded steel tendons to connect beams and columns.
Other studies used steel bolts to connect the beams and columns in the dry joints [13,
14]. Many of these studies showed undesirable behaviours in terms of the load-
carrying capacity, drift ratio, and energy absorption capability, compared to monolithic
joints. This dissertation developed the dry joint type using concrete-end-plates (CEP)
and bolts which was previously proposed in a big project called “US-PRESSS” of the
USA in 1990s but was discarded since then due to its poor behaviours, i.e., could not
meet the seismic design requirements. That project included two main phases and its
results were reported in Sagan [14] dissertation and journal paper [15], in which some
precast joint types were proposed and experimentally investigated. The dry joint with
CEP and bolts in the study showed poor performances, compared to other precast joint
types. For example, DR of the dry joint in that project [14] was only 1.5% which was
lower than the minimum requirement of various standards, such as ACI T1.1-01 [16]
(3.5%), CSA A23.3-07 [17] (2.5%), and ASCE 41-06 [18] (2%), for earthquake
resistance designs. For many years, there has been no progress on the development of
this type of dry joint. This dissertation identifies the shortcomings of the dry joints
investigated in [14], suggests improvements for it to meet the seismic resistance design
requirements such as changing the scale of CEP thickness, using steel spiral in CEP,
and applying different fibre types (steel and synthetic fibres). Furthermore, to

overcome the sustainability and durability problem, the performances of using
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geopolymer concrete to replace Portland cement concrete, and use FRP bars and bolts

to replace steel bars and bolts in construction of the dry joints are also investigated. To

improve the constructability and aesthetic view of the large bulky concrete end plate,

hybrid joint is also proposed. The newly proposed precast joints (i.e., dry and hybrid

joints) showed excellent performances and can be effectively applied in seismic-prone

areas.
Table 1. Comparison between different joint types
Monolithic . o .
Parameters o Wet joints Hybrid joints Dry joints
joints
Factory
Cast Construction Factory and (mostly) and
) ) ) ) ) Factory
location site construction site construction
site (some)
Formwork
and Yes Yes No No
scaffold
Longitudinal
rebars of
Continuous Continuous Discontinuous Discontinuous
the beam
to column
Construction
time on Highest > > Lowest
site
Tensile Longitudinal Longitudinal
) Bolts, tendons | Bolts, tendons
resistance rebars rebars
Illustration
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Application of sustainable GPC to reduce CO; emission: The application of GPC into
the construction sector is an emerging trend which has attracted a growing number of
studies and applications. Due to the significantly increasing construction demand, the
alarming increase of CO. emission from cement manufacturing was reported in
various previous studies [22-24]. As an estimation, if there is no effective strategy to
reduce the CO> emission from the global cement industry, 2.34 billion tons of CO>
will be released into the atmosphere by 2050 [22]. Therefore, the use of GPC to replace
ordinary Portland concrete (OPC) can potentially reduce carbon footprint (See Fig. 1-
1) and bring various benefits including, but not limited to, significant recycling of
industrial wastes [24], excellent acid resistance [25], good bond strength between GPC
and reinforcements [26], and high flexural strength [27]. However, despite the obvious
advantages of GPC, the use of GPC in construction is still scarce owing to a lack of
design standards. Most of existing studies focused on optimising GPC mixture design
while little has been conducted to investigate structural responses of GPC structures,
especially beam-column joints. Xie et al. [28] proposed that GPC with 50% slag, 50%
fly ash and 0.5 water/binder ratio could be an optimal mixture in terms of mechanical
behaviours and workability. Wang et al. [29] and Rafeet et al. [30] indicated that the
mechanical properties of GPC including compressive strength and elastic modulus
could be improved when increasing the slag/fly ash ratio. In addition, most of existing
studies investigated the mechanical properties of heat-cured GPC since it offered less
creep and drying shrinkage, higher compressive strength and bond strength, better
resistance in acid and sulphate environments when compared to ambient-cured GPC
[31, 32]. For instance, Wang et al. [29] suggested that GPC components should be
cured under 80 °C for 12-24 hours to achieve good mechanical properties. Meanwhile,
the evidence about the performance of GPC structures are still insufficient and
sometimes contradictory. For instance, Nguyen et al. [33] and Visintin et al. [34]
claimed that the current standards of OPC could be applied to design the GPC beams
and columns because the performances of heat-cured GPC and OPC beams and
columns were relatively similar. Nevertheless, some recent studies [35, 36] suggested

an opposite observation that the strength of ambient-cured and over-reinforced GPC
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beams and columns was overestimated by conventional sectional analysis procedures.
In addition, no previous studies investigated the performance of GPC precast joints
and no analytical models were proposed to estimate the capacity of monolithic and
precast joints in the existing literature. Recognising the above gaps in the literature,
this dissertation [24] investigated the performances of both GPC monolithic and
precast joints and further proposed an analytical model to predict the load-carrying
capacity of these joint types.
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Fig. 1-1 Comparison of CO> footprint intensities between eight concrete types [37].

Use of fibre reinforced concrete to improve ductility: In addition, high ductility in the
beam-column joints is a desirable property to avoid brittle failure of structures. It was
observed in many earthquakes that failures of the beam-column joints could cause the
collapse of the building even though no damage occurred on the beams and columns
[19, 38, 39]. Therefore, improving the ductility of the beam-column joints, especially
in GPC components due to the brittleness of GPC is essential to ensure the application
of joints. In addition, numerous studies [40-44] indicated that shear and tensile stresses
in the joint areas may cause brittle failure in beam-column joints. This brittle shear
failure results in various serious consequences since it often occurs suddenly without
any warnings before the total collapse of buildings [1, 45]. Various recent devastating

earthquakes across the world demonstrated this dangerous brittle failure, such as the
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1995 Hyogo-ken (Japan), the 1999 Kocaeli (Turkey), and the 1999 Chi-Chi (Taiwan)
earthquakes. To deal with the above issues, different fibre types (e.g., steel and
synthetic fibres) were applied in the studies of this dissertation [2, 21, 46]. The
specification and dosage of fibres are critical to obtaining excellent behaviours of
structures. The fibre specification in these studies was chosen based on its pull-out
behaviour and rupture strength while the optimal fibre dosage was selected to achieve
maximum capacity and energy absorption. As a result, the proposed precast beam-
column joints using OPC and GPC with fibres showed excellent performances in terms
of ductility, peak load, energy dissipation, and DR. For example, DR of the proposed
precast joints reached 3.5% satisfying various standards (e.g., CSA A23.3-07 [17],
ASCE 41-06 [18], and ACI T1.1-01 [16]) for structures in earthquake-prone regions.

Excellent impact resistance: Recent years also witnessed increasing attention to
investigating structural response under impact loading. Structures which are attacked
by impact forces usually suddenly collapse without any warnings bringing deadly
threats to human beings. For example, due to landslides, rockfalls, and debris flow
runouts, Australia lost approximately 82 million dollars and at least 138 human lives
between the period of 1842 and 2011 [47]. Although impact force due to natural
disasters causes serious consequences, there have been no standards for structural
designs against impact loads. Unfortunately, the current standards for structures under
static and seismic loads could not be used to design structures under impact loading
since different loading rates may induce different failure modes. For example, shear
stress causes severe damage under impact loads while flexural cracks govern the main
failure of the identical beam under static loads [48-50]. Therefore, it is crucial to
understand and accurately predict the dynamic responses of structures under impact
loads. For beam-column joints under impact and blast loads, only two studies [51, 52]
that conducted experiments to investigate dynamic responses of monolithic beam-
column joints can be found. Aluminium honeycomb core was used to absorb a large
amount of impact energy (49%) compared to specimens without the honeycomb plate.
It is noted that there has been no existing study that has investigated precast joints
under impact loads in the literature yet. This dissertation is one of the first to
investigate the performances of the precast joints under impact loads. The
experimental results indicated that the proposed precast joints showed excellent

performances under multiple impacts. Especially, the application of steel and synthetic
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(plastic) fibres significantly increased the capacities of the joints due to increasing
shear resistance. For instance, severe damage was observed on specimens without
fibres while only minor cracks occurred on specimens using steel and synthetic fibres.
The above results demonstrated that the proposed precast joints were applicable in
rockfall and landslide regions to replace the monolithic joints and satisfy the
requirements of resilience structures under impact loading. More details and
discussions about the desirable performances of the proposed precast joints will be

presented in the subsequent chapters.
1.2 Research objectives

The primary objective of this dissertation is to propose the non-corrosive dry beam-
column joints which can effectively replace conventional monolithic joints to be
applied in the earthquake and impact-prone areas. To achieve this objective, three main
approaches were utilised in this dissertation, including experiment, analytical analysis,
and numerical simulation. The specific research tasks of this dissertation are

summarised below:

1. Proposing new precast joints (e.g., dry and hybrid joints) to reduce the

construction time and construction cost.

2. Conducting experiments to investigate the performances of the proposed
precast joints under cyclic and impact loads. The main parameters to investigate
the joint performance include failure modes, drift ratio, ductility, maximum

applied load/peak load, stiffness, energy dissipation, and residual displacement.

3. Using new and advanced materials to resolve corrosion and improve structural

performances (i.e., FRP bolts/plates, FRP reinforcements, synthetic fibres).

4. Investigating the behaviours of both precast and monolithic joints made of

“green materials”” GPC to recycle industrial wastes and reduce CO; footprint.

5. Proposing new analytical models to assist engineers to design the newly
proposed precast joints using the mentioned relatively new materials (OPC, GPC,
SFRC, and FRP bolts/plates).

6. Using numerical models to investigate several parameters which could not be
straightforwardly measured from experiments (e.g., stress flow and stress

distribution). After validating the numerical models with the testing data, the
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results of experiments and assumptions of the proposed analytical models were
examined, and the optimal value of CEP thickness was determined.

1.3 Research outlines

This dissertation includes seven chapters. The first chapter presents the introduction
of this dissertation including the background of the research, research objectives and

research outlines. The main contents of the next six chapters are summarised as follows:

Chapter 2 presents the performances of newly proposed dry joints using CEP and
CFRP bolts. One monolithic joint and several dry joints with different
parameters/designs, namely CEP thickness, using steel spiral reinforcements and
different bolt types, were tested under cyclic loading. The performances of the
proposed dry joints are compared with those of the reference monolithic joint in terms
of failure modes, drift ratio, ductility, maximum applied load, energy dissipations, and
stiffness. This chapter demonstrates that the proposed dry joints offer good
performances and, therefore, they can effectively replace monolithic joints. In addition,
the available standards and analytical models are used to estimate the loading capacity

of the proposed dry joints.

Chapter 3 reports experimental and analytical investigations on the structural
performance of the proposed dry joints reinforced with different fibres. Some
parameters which significantly affect the joints performances are also investigated in
this chapter such as the effects of prestress forces in bolts. Based on the results of
experiments, a new analytical model to design the OPC and SFRC dry joints with CEP

and bolts is proposed.

Chapter 4 focuses on the performance of GPC dry vs GPC monolithic joints. The
behaviours of GPC joints will be compared with the corresponding OPC joints in terms
of the failure mode, drift ratio, ductility, maximum applied load, and energy dissipation.
After understanding the performances of both GPC dry and monolithic joints, an
analytical model is proposed to help engineers in designing precast and monolithic
GPC joints.

Chapter 5 investigates the behaviours of the newly proposed hybrid joints. This
hybrid joint type was developed based on the dry joints in Chapters 2, 3, and 4. This
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new joint type is expected to mitigate the disadvantages of the dry joints related to
poor and bulky appearances, as well as offering more options for engineers when
designing precast concrete structures. The non-corrosive materials including FRP
reinforcements, FRP bolts, and synthetic fibres are applied in this chapter to replace
the conventional steel material. In addition, a numerical model is developed and
validated against the experimental results. The validated numerical model is then used
to investigate some parameters which could not be measured by the experiments such
as stress flow, and stress distribution. The optimal value of the CEP thickness is

suggested via the results of the numerical analyses.

In Chapter 6, the impact performances of the dry and monolithic joints are tested and
compared. These comparisons help to study the dynamic responses of the proposed
dry joints and monolithic joints under impact loading. The effectiveness of using
different fibres to reinforce the joints on resisting impact load is discussed in this
chapter in terms of damage level, lateral displacement and residual displacement.

Finally, Chapter 7 summarises the main findings of this dissertation, as well as

recommendations for future works.

It is worth mentioning that this dissertation is compiled from the technical papers
prepared by the candidate during his PhD study. Each technical paper forms a chapter
from Chapter 2 to Chapter 6. The published technical papers in the chapters are
formatted by the author as per the requirements from Curtin University. Some
definitions and figures may be reintroduced for readers’ convenience and the logical
flow of the chapters. The flow chart was also used to summarise the different tests in

each chapter, as shown in Fig. 1-2
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Chapter 2

Note:
MS, M1, MO1, and M1-SR: The same
PS3, P2-C-SP, and PO3: The same

PS4, P4-5-SP-H, and D5-SR-S-T200: The same
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Monolithic vs dry joints (M1 vs P3, P5)

The effects of steel fibres in joint performances (P3 vs P2, P5)

The effects of prestress levels in the bolts (P4 vs P3)
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Monolithic vs dry joints (MO1 vs PO3, MG2 vs PG4)
OPC vs GPC monolithic joints (MO1 vs MG2)
OPC vs GPC dry joints (PO3 vs PG4)

Different performances between GFRP and steel rebars (M1 vs M2)
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The effects of CEP thickness on hybrid joints (H3 vs H4)

The effects of CEP thickness on dry joints (D5 vs D6)

Monolithic vs dry joints (M1 vs P4, M2 vs P5, M3 vs P6)

The effects of fibres in monolithic joints (M1 vs M2, M3)

The effects of fibres in dry joints (P4 vs P5, P6)
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Fig. 1-2. Summary of different tests performed in the main chapters.
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CHAPTER 2: DUCTILE AND DRY EXTERIOR JOINTS USING CFRP
BOLTS FOR MOMENT-RESISTING FRAMES

ABSTRACT!

This chapter proposes a new dry joint type for moment-resisting frames by using
carbon fibre reinforced polymer (CFRP) bolts and plates. This is one of the very rare
studies focusing on the potential of using CFRP bolts to connect beams to columns in
the precast beam-column joints. CFRP bolts have been recognised for their good
performances, which could effectively resolve a very costly issue of corrosion in the
common dry joints using steel bolts, plates, and tendons. Cyclic loading was applied
to test four specimens until 85% of the post-peak load. The results indicated that the
proposed dry joints showed better performances compared to the reference monolithic
joint in the load-carrying capacity, energy dissipation, and stiffness, which increased
by 27-61%, 45-75%, and 27-55%, respectively. Particularly, drift ratio of all the
proposed joints exceeded 3%, which is higher than the requirements for ductile joints
in various standards. The ductility of the proposed joints was also more preferable than
the reference monolithic joint (i.e. 2.2 vs 2.4). These exciting results suggest that these
new dry joints can be plausibly applied to prefabricated constructions in non-seismic
and seismic-prone areas. In addition, the proposed dry joints offer numerous
advantages, compared to the traditional monolithic joints, in terms of construction time

and construction-quality control.

! This work was published in Structures with the full bibliographic citation as follows:

Ngo TT, Pham TM, Hao H. Ductile and dry exterior joints using CFRP bolts for
moment-resisting frames. Structures 2020;28:668-84.
https://doi.org/10.1016/j.istruc.2020.09.020
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2.1 Introduction

Beam-column joints play a vital role in the behaviours of moment-resisting frames.
They support the development of the ultimate capacity of adjacent members. This
characteristic can only be achieved when the joints between beams and columns have
sufficient strength and stiffness so that internal forces between members could transmit
together. Lessons from various earthquakes have indicated that if the joints are
destroyed, the building would collapse, although beams and columns are still
undamaged [38, 53].

Most of existing studies have focused on monolithic, wet, or hybrid joints [7-9, 54]
due to their good performance in peak load, stiffness, energy dissipation, ductility, and
hysteretic behaviours. However, there have been still some disadvantages in these joint
types, such as longer construction time, higher construction cost, more difficulties to
control construction quality, and negative effects on the environment as compared to
dry joints. Beams and columns in the dry joints are cast in factories before they are
assembled in construction sites. Therefore, the application of dry joints could
effectively resolve the above disadvantages of monolithic, wet, or hybrid joints [46,
55]. Nevertheless, the application of dry joints in reality is still limited compared to
monolithic joints due to disadvantages related to strength, ductility, and corrosion
resistance. Since beams and columns are cast separately and are connected later by
bolts and tendons, dry joints are usually weaker than monolithic joints. For example,
dry joints using cleat angles and stiffeners have not been recommended for use in
earthquake-prone regions [56]. In precast concrete structures, especially with
traditional dry joints, corrosion is more likely to occur because connecting elements
might be not protected properly by concrete. The corrosion of the connecting elements
leads to deterioration or even destruction of the entire buildings [3, 57]. Additionally,
the expenditure to maintain and repair deteriorated members in some circumstances

can be incredibly more costly than the original new ones [5, 6].

Meanwhile, fibre reinforced polymers (FRP) have gained its increasing popularity in
civil engineering because they offer favourable features, such as lightweight, high
strength, easy implementation, fatigue resistance, and good corrosion resistance [58,
59]. Recently, FRP bolts have been introduced to the market but its application for
structural engineering is still limited. GFRP and CFRP bolts are the popular types, in
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which GFRP bolts are more favoured because they are more cost-effective [60, 61].
The use of FRP bolts has not been popular in construction because the shear capacity
of these bolts is relatively low as compared to steel bolts. FRP bolts are very strong in

tension but weak in shear [62, 63].

Recently, CFRP and Basalt tendons have been applied in precast segmental concrete
beams and normal beams to replace steel tendons for effective mitigation of corrosion
problems [64, 65]. The functions of FRP tendons and FRP bolts are similar in tensile
behaviour and prestress needs to be applied to these bolts/tendons before applying
external loads. However, the application of FRP tendons in the structures is quite
challenging compared to steel tendons due to the anchorage problem. This is because
of the relatively low shear and compressive capacity of FRP materials so that anchors
could fail by excessive principal stresses, local crushing, and interfacial slippage [66].
Therefore, the use of conventional anchorage methods for FRP tendons is not reliable
and difficult to predict anchorage failure patterns. In addition, FRP sheets have been
popularly applied to strengthen beam-column joints [58, 67]. Conventional steel
reinforcements were replaced by GFRP bars to minimize corrosion [62, 68]. However,
most of existing studies focus on wet and hybrid joints while there are very few studies
on precast beam-column joints with FRP bolts. Feroldi and Russo [69] investigated
precast beam-column joints using pultruded plates and C-shape FRP bars to replace
steel plates and C-shape steel bars in steel structures. Since steel bolts were used to
connect the beams and columns, these joints were still susceptible to corrosion of the
metal parts. To date, no publication is available in literature yet to use FRP bolts and

plates to connect beam-column joints.

Among various types of concrete dry joints, those with concrete-end-plates and bolts
show various advantages, compared to other dry joint types. In this joint type, the
concrete-end-plates are used to connect the beams to the adjacent columns using steel
bolts. This type of dry joints can be easily installed and post-tensioned with no required
formwork. Despite their advantages, only few studies focus on the behaviours and
applications of this joint [13-15]. Sagan [14] and Palmieri et al. [15] conducted an
experiment with large-scale specimens and an analytical investigation on this dry joint
type. Among the five large-scale joints studied, the internal beam-column joint with

the concrete-end-plates and steel bolts showed the worst behaviours, specifically in the
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load-carrying capacity, drift ratio, and energy absorption capability. The experimental
results indicated that the concrete-end-plates failed due to concrete crushing at the top
and bottom zones. It was explained that concrete stress in compression struts reached
its compressive strength at a low drift ratio of 1.5% and caused damage [14, 15].
Possibly, due to these negative results, the dry joint type using concrete-end-plates and
steel bolts was overlooked. As a result, there is a lack of studies on the behaviours of

this dry joint type.

It is clear from the literature that the advantages of dry joints can only be leveraged if
more research is done to improve the capacities of these joints in terms of ductility,
energy dissipation, stiffness, load-carrying capacity, and corrosion resistance. The
current study, therefore, aims to propose dry beam-column joints for non-seismic and
seismic-prone locations by using corrosion-resistant CFRP bolts to replace
conventional steel bolts. Steel spirals are placed in the top and bottom zone of
concrete-end-plates to confine concrete and increase the capacity of the joints. The
effects of the thickness of the concrete-end-plates are also investigated. After applying
various innovations, the proposed dry joints yield sufficient ductility and load-carrying
capacity, as well as solving the issue of corrosion effectively. The use of CFRP bolts
in the proposed joints is critical to increase the lifetime of structures and reduce the
construction time and maintenance costs, which helps to promote the use of these dry

joints in the construction sector.
2.2 Experimental program

This study proposes a new corrosion-resistant joint type that exhibits sufficient
strength and ductility to be used in both non-seismic and seismic-prone regions. To
evaluate the dry joint performance using CFRP bolts and steel bolts under quasi-static
cyclic loads, four specimens were cast and tested until failure, including a monolithic
specimen (MS), a precast specimen 2 (PS2) with CFRP bolts and no steel spirals in
the concrete-end-plate, a precast specimen 3 (PS3) with CFRP bolts and steel spirals,
and a precast specimen 4 (SP4) with steel bolts and steel spirals. Spirals were used in
the concrete-end-plate to confine concrete and improve the capacity of the concrete-
end-plate and thus the joint. All the bolts in the precast specimens had the same
diameter of 20 mm. Details of the specimen design and the test setup are presented in

the following sections.
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2.2.1 Design of the specimens

Four exterior beam-column joints with a scale of 1/3 of an eight-floor building were
designed according to ACI 550R-96 [70] and ACI 352R-02 [71]. The design was based
on the design philosophy of strong columns and weak beams. The two previous studies
by Hanaor and Ben-Arroyo [13] and Sagan [14] were also used as references to design
the precast beam-column joints since there have been no existing standards for the
precast joints using bolts and concrete-end-plates. The columns in all the specimens
had the same length of 1280 mm with a square-shaped cross-section of 200x200 mm?.
Four 16-mm deformed steel bars were used as longitudinal reinforcements. 10-mm
stirrups with a spacing of 70 mm were used as shear reinforcements for the columns
(Fig. 2-1).
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Fig. 2-1. Design of the monolithic and dry precast joints (in millimeter).

The beams of the precast specimens had a T-shape and included two parts: (1) the
concrete-end-plate and (2) Beam A. This study adopted the guides of ACI 318-11 [72]
and Wight and MacGregor [73] to design Beam A. The beam section in all the
specimens was reinforced with four 16-mm deformed steel bars with a reinforcement
ratio of 2.2%. Additionally, 10-mm stirrups with a spacing of 70 mm were used as
shear reinforcements. The dimensions of the concrete-end-plate were 350x150%200
mm? while those of Beam A was 150x150x520 mm? as shown in Fig. 2-1. According
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to Sagan [14], the capacity of the precast beam-column joint using the concrete-end-
plates and steel bolts was comparably low since the crushing of the concrete appeared
at the concrete-end-plate at a low drift ratio of 1.5 %. Therefore, in this research, 8-
mm steel spirals at a spacing of 30 mm were used to confine the concrete and increase
the compressive strength at the concrete-end-plates (see Fig. 2-2). This design was
expected to improve the capacity of these precast beam-column joints.
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Fig. 2-2. Details of the reinforcements, strain gauges, aluminium bars, formworks,

and plastic tubes.

To evaluate the effectiveness of the steel spirals, it is necessary to determine the exact
strength of the concrete in the compressive zone during the test. Aluminium bars with
adiameter of 6.1 mm were placed in the assumed direction of the concrete struts. Strain
gauges were stuck to these bars to monitor the concrete strain as shown in Fig. 2-2. A
cutting machine was used to create notches on the aluminium bars. These notches
helped to increase the bond between the concrete and the aluminium bars. The concrete
cover of all the beams and columns was 35mm as required in ACI 318-11 [72]. Details
of all the reinforcements, steel spirals, and CFRP bolts are shown in Tables 2-1 and 2-
2.
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Table 2-1. Steel reinforcements and aluminium bars properties.

Bar

. Area fy fu Es
size Remarks
(mm) (mm? (MPa) (MPa) (GPa)
8 50 377 522 200  Spirals
10 78 560 675 200  Stirrups
16 201 597 706 200  Longitudinal reinforcements
6.3 31 110 150 69 Measuring the strain of concrete

inside the concrete-end-plates

Table 2-2. Properties of CFRP bolts, nuts and plates.

Dimension  Weight Tensile Shear Bending Compressive  Ultimate  Elastic Impact

Type strength  strength  strength strength load modulus  strength
(mm) Q) (MPa) (MPa) (MPa) (MPa) (kN) (GPa) (kd/m2)

Bolts D20 376 > 850 >160 480 760 >267 100 185

Nuts N20 44 - - - - 100 100

Plates  150x90x20 540 - - - - >100 100

Note: - = not given.

The most challenging issue in the prefabrication of these precast specimens was to
ensure that the four bolts went through the beams and the columns smoothly when
assembling the joints. To resolve this issue, the formworks for columns and beams
were set up together as real joints. The holes inside the beams and columns were
created by embedding plastic tubes with an outside diameter of 21 mm into the steel
cages before the concrete was poured. Details of plastic tube disposition are shown in
Fig. 2-2. In the two previous studies [13, 14], the tensile force in the bolts, a crucial
parameter to determine the behaviours of the proposed joint type, was not reported. In
the current experiment, two 20-ton load cells were used to measure the tensile forces

in the bolts as shown in Fig. 2-3.
2.2.2 Mechanical properties of materials

Concrete properties are determined according to AS 1012.8.1-14 [74] and AS
1012.9.1-14 [75] as the averaged values from three 100x200 mm cylinders. The
average compressive strength (f°c) and tensile strength (fct) of concrete on the testing
day was 38.4 MPa and 3.8 MPa, respectively. The ultimate tensile strengths of the
reinforcements were 522 MPa for 8-mm bars, 675 MPa for 10-mm bars, and 706 MPa
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for 16-mm bars. Other properties of these steel bars and aluminium bars which were

provided by the manufacturer are presented in Table 2-1.

CFRP bolts were supplied by J and R Metalwork Industry Pty Ltd [76]. As informed
by the manufacturers, GB/T 1447-05 [77] was used to evaluate the mechanical
properties of CFRP bolts. The number of samples for the testing was 20-30 with a
length of 800-1000 mm. The tensile strength, shear strength, and elastic modulus of
20-mm CFRP bolts were 850 MPa, 160 MPa, and 100 GPa, respectively. It is noted
that the capacity of the entire bolts is restrained primarily by the capacity of the nuts
with the ultimate load of 100 kN for the 20-mm bolts. The detailed properties of CFRP
bolts, nuts, and plates are presented in Table 2-2. In addition, M20-metric steel bolts
with class 8.8 had the proof load, yield stress, ultimate strength of 580 MPa, 640 MPa,
and 800 MPa, respectively [78].
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Fig. 2-3. Details of strain gauges and load cells.

Strain gauges with a length of 5 mm were bonded to stirrups, longitudinal
reinforcements, and aluminium bars to measure the strain of reinforcements and the
assumed concrete struts. Additionally, to measure the strain of concrete in diagonal
struts of the concrete-end-plate, 60-mm strain gauges were glued on these estimated

areas. Detailed strain gauges are presented in Figs. 2-2 and 2-3.
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2.2.3 Specimen preparation and test setup

A steel brush and a compressed air gun were used to clean the holes and remove dust
before the test setup. The column was the first to be connected to the reaction frame.
Then, the beam was lifted by a forklift and connected to the column with four bolts.
The setup process in this experiment is also applicable in reality. Four bolts with a
diameter of 20 mm went through the four holes with a diameter of 21 mm on the beams
and columns. CFRP or steel plates were placed into the bolts before nuts were
tightened by a torque wrench to avoid concentrated stress around the bolts. According
to the information provided by the manufacturer, 80 Nm of torque was recommended
to apply to the CFRP nuts. Due to the low torsion resistance of CFRP bolts, low
prestress levels were applied on CFRP bolts. The prestress levels in specimens PS2,
PS3, and PS4 were 4.1, 6.5, and 51 kN, respectively.

Load cell

L
Hydraulic

jack I
\

|

A — . BeamA
Concrete-

Data
acquisition

Fig. 2-4. A typical test setup.

For the test setup, a hydraulic jack was used to apply the vertical restrain on the column
top with an axial force of 15 kN (0.01f; A.). Since the effect of the axial force is not
the focus of this chapter, it was maintained as low as possible. It was reported in a
previous study that higher axial force is beneficial to the capacity of the joints [79].
Therefore, this chapter aims to investigate the most unfavourable case of joints.
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Another hydraulic jack was used to apply the vertical quasi-static cyclic loading at the
beam tip. The jack was installed at 650 mm from the column centre. The details of the
test setup are presented in Fig. 2-4. The beam-column joints were tested under cyclic
loading until 85% post-peak load. The loading history, which was based on ACI T1.1-
01 [16], is shown in Fig. 2-5. Due to the time limitation, two load cycles were
conducted at each loading level under displacement control at the level of 6-9 mm/min.
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Fig. 2-5. Loading history.
2.2.4 Experimental results and discussion

2.2.4.1 General behaviours and failure patterns

Fig. 2-6 shows the failure modes of all the tested specimens. All the precast specimens
experienced no visible cracks on the columns. As expected, the column showed good
performance without any failure, which satisfied the criteria for weak beams-strong
columns. The maximum tensile force in the CFRP bolts did not reach its strength limit.
For example, the maximum tensile force of the CFRP bolts in Specimen PS3 was only
34% of its ultimate tensile force (see Table. 2-2). Therefore, no failure was observed
in the CFRP bolts. Additionally, although no corbels or brackets were used for all the
precast specimens, no slips were recorded during the tests, which was demonstrated
by LVDT data (almost zero). The main failure of Specimens MS and PS4 occurred at
the beams whereas Specimens PS2 and PS3 exhibited failure at the joints. More

observations and discussions on the failure modes will be presented in Section 2.2.4.2,
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The reference Specimen MS exhibited flexural cracks on the beam and inclined cracks
in the joint. The vertical flexural cracks were observed firstly on the beam when the
beam soffit was in tension. These cracks were located at distances of 1, 100, and 220
mm from the face of the column at £0.7 % (£4.0 mm) drift ratio corresponding to the
tip displacement of £4.0 mm. For convenience, hereby the number in the bracket after
the drift ratio shows the corresponding tip displacement. There were no shear cracks
on the beam as shown in Fig. 2-6(MS). Then, the inclined cracks appeared and
propagated into the joint zone after 1% drift ratio. These inclined cracks firstly formed
in the middle of the joint before developing toward two corners of the column. The
maximum width of the inclined crack achieved approximately 1.5 mm at 5.5% drift
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ratio. Minor crushing of concrete occurred at the fixed-end when drift ratio reached
2%. The monolithic specimen MS achieved the maximum capacity at the drift ratio of
5.0%. Eventually, the crushing of concrete and vertical cracks at the fixed end caused

the failure of Specimen MS.

As shown in Fig. 2-6, Specimens PS2 and PS3 exhibited the same failure patterns and
the same crack development modes. The flexural crack initially formed at the fixed
end at £0.5% drift ratio (x2.5mm). When drift ratio reached +0.6% (£3.3 mm), the
inclined cracks had a tendency to propagate into the middle zone of the concrete-end-
plate. At the initial stage, two vertical cracks at the fixed end were formed because the
tensile strain of concrete at this section reached its maximum value due to sufficient
bending moments. In the following stages, the longitudinal reinforcements started to
significantly contribute to the flexural resistance and did not show considerable
damage but some cracks. Meanwhile, inclined cracks gradually developed in the
middle zone of the concrete-end-plate with an increase of the inclined angle (see Fig.
2-6). These inclined cracks initiated in the middle and then developed to the top and

bottom of the concrete-end-plate and caused the failure.

Fig. 2-7 shows the data of strain gauges of the longitudinal reinforcements and the
concrete-end-plates in all the tested specimens. The dots in this figure indicate their
maximum strain at each cycle. The data of strain gauges at drift ratio of 3.0% (+16.4
mm) on Specimen PS3 in Fig 2-7 indicate that the strain of longitudinal reinforcements
(2559 pe) almost reached the yielding point (2980 pe) and the tensile strain of concrete
(1334 pe) exceeded the ultimate tensile strain (131 ue). The maximum tensile strain of
concrete was determined based on its tensile strength (fet). Therefore, two main
inclined cracks (see red curves on Fig. 2-6) significantly opened with a width of
approximately 2-3 mm, which caused the main failure for Specimens PS2 and PS3.

Additionally, there were no shear cracks on Beam A of Specimens PS2 and PS3.
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Specimen PS4 showed different failure patterns as compared to Specimens PS2 and
PS3. The two inclined cracks, which formed a V-shape, initially appeared from the
two corners between Beam A and the concrete-end-plate (see the red curve in Fig. 2-
6(PS4)). These inclined cracks occurred soon after the load was applied at the beam
tip at 0.3% drift ratio (x1.65 mm). At 0.8% drift ratio, the inclined cracks developed
from the fixed end into the middle areas of the concrete-end-plate. It is different from
Specimens PS2 and PS3 due to the effects of the prestress level of the bolts. The
inclined cracks of Specimen PS4 occurred mainly in the middle and only one inclined
crack appeared at the top and bottom of the concrete-end-place after achieving the
peak load of 50.3 kN with 3.0% drift ratio (see the pink curves in Fig. 2-6(PS4)). The
prestress level of Specimen PS4 was higher than those of Specimens PS2 and PS3 by
approximately 12.4 and 7.8 times, respectively. The high prestress level in the bolts
might have helped to improve the confined capacity of the concrete in the top and
bottom zones of the concrete-end-plate [13]. From 2.8% drift ratio, the concrete on the
top and bottom of the concrete-end-plate began to crush, and the red curve crack
opened approximately 4-5 mm, which caused the main failure in Specimen PS4 as
shown in Fig. 2-6(PS4)).

Fig. 2-7 shows the strain at the surface of the concrete-end-plate while Fig 2-8 presents
the strain inside the concrete-end-plate measured on the aluminium bars at the possible
struts. In Fig. 2-8, the maximum measured strain inside the middle zone was much
higher than that at the top and bottom zones of the concrete-end-plates. For instance,
the maximum measured tensile strain inside the middle zone and the top zone at 4%
drift ratio of Specimen PS4 was 4971 e and 314 pe, respectively. Therefore, it can be
concluded that the tensile stress inside the top and bottom zones was lower than that
inside the middle zone. As a result, the proposed dry joints failed differently from those
in the previous study by Sagan [14] who reported that the main failure was the
compression strut at the top and bottom zone of the concrete-end-plate. To further
analyse the failure mechanism, Fig. 2-9 presents a sketch of force paths in the concrete-
end-plate, T1 vs T2 and Tz are the tensile forces of the bolts and reinforcements and T,
01 VS g2, and gz are the compressive forces of the reinforcements, CFRP plates, and the
bottom zones. Theoretically, there are two possibilities for the failure of the joints
governed by either compressive or tensile strength of concrete [73]. The data of strain

gauges in Figs. 2-7(b) and 2-8 indicate that the compressive strain in the compression
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struts of the concrete-end-plate was relatively small (< 110 ue) and did not reach the
maximum compressive strain of concrete, whereas the tensile strain of concrete (>
1334 ne) well exceeded its maximum tensile strain (131 pe). Therefore, it is suggested
that the major cracks and failure of these precast specimens were caused by the tensile
strain of concrete. This mechanism could be explained by the two effects: (1) the angle
of possible struts and (2) the bond between reinforcements and concrete. There were
two possible struts (i.e., Struts AB and AC) that might occur on concrete-end-plates as
shown in Fig. 2-9. The angle of Strut AB was quite small (approximately 34°) and the
bond stress (b in Fig. 2-9) between the reinforcements and the concrete had the
tendency to resist the tensile force (T3) in the reinforcements. Therefore, the tensile
force (Ts) in the reinforcements at node B was low which led to the low compressive
stress of concrete around node B. For Strut AC, it had a larger angle (50°) and higher
compressive stress as compared to that of Strut AB. Meanwhile, the failure of
Specimens PS2 and PS3, as shown in Fig. 2-6, reveals that the red inclined cracks were
established due to the tensile stress. From observations during the tests and the above
analyses, it could be concluded that tensile cracks (AB and AC) caused the failure of
the specimens.
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Fig. 2-9. Force path and cause of inclined cracks.

2.2.4.2 Hysteretic behaviours

The hysteretic responses of all the specimens were almost symmetrical in both the
push and pull directions (see Fig. 2-10) because both the top and bottom
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Load (kN)

Load (kN)

reinforcements in the beams were similar, with a diameter of 16 mm. However, the
hysteretic curves were asymmetrical after the peak loads due to large and irreversible
deformation, which is consistent with the results of the previous studies [14, 15].
Linear responses were observed in the envelope curves of all the precast specimens
until 3% drift ratio. These responses were due to the linear responses of the CFRP bolts
and steel bolts during the tests. In addition, the longitudinal reinforcements did not
yield until 3% drift ratio (see Fig. 2-7), thus the main failure of the precast specimens
was governed by the concrete properties. After this stage, the load started to decrease.
Various cracks on the concrete-end-plates caused a significant reduction in the load-
carrying capacity after 3% drift ratio. From 4% drift ratio, the envelope curves had a
tendency to remain constant as indicated in Fig. 2-11. This performance could be
explained with a reference to the strength hardening of the reinforcements. Stresses in
the reinforcements still increased after reaching peak load, so the failure shifted from
the joint to the beam after 4% drift ratio as also observed in the previous study [62].
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Fig. 2-10. Load-displacement hysteretic responses of tested specimens.

To further understand the behaviours of all the specimens, the maximum design loads

of the beams were estimated and presented in Fig. 2-11. Design loads of 28 kN and 44
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kN were applied to the monolithic beam and precast beams, respectively. Specimens
MS and PS4 reached their peak loads of 32.3 kN at 5% drift ratio and 50.3 kN at 3%
drift ratio. These maximum loads were higher than the estimated capacities of the
corresponding beams. This variation might result from the difference between the
nominal tensile strength and the actual strength of the reinforcements. Taken all the
above results together, it is clear that the main failure of Specimens MS and PS4
occurred at the beams, whereas that of Specimens PS2 and PS3 occurred at the joints,

as discussed in section 2.2.4.1.
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Fig. 2-11. Envelopes of hysteretic curves of all the specimens.

In general, the responses of Specimen MS showed nonlinear behaviours from 1% drift
ratio until failure. Up to 1% drift ratio, Specimen MS exhibited elastic behaviours and
dissipated little energy because there was no evidence of a significant pinching and
stiffness degradation. It is noted that the pinching indicates the energy dissipation
capacity of specimens and it often occurs when there is a significant variation of the
area inside hysteresis loops. After 1% drift ratio, pinching continuously increased due
to the crack developments. Specimen MS began to yield at 2.7% drift ratio before

reaching the maximum load at 5% drift ratio. From 5% to 6.5% drift ratio, the load

50



capacity continuously dropped and the Specimen MS was damaged at 6.5% drift ratio.
Until the end of the test, the longitudinal reinforcements in Specimen MS did not yield
as shown in Fig. 2-7(a) (2233 pe < 2980 pe) while concrete crushing at the fixed end
caused a load decrease in Specimen MS. The reduction in the load-carrying capacity
of all the specimens after the peak load could be mainly attributed to tensile cracks in
the concrete-end-plate, crushing of concrete and flexural cracks at the fixed end, as
previously explained.

2.2.4.3 Drift ratio and load-carrying capacities

The drift ratio is an essential parameter to evaluate the joint performances. The drift

ratio is defined as follows:
R=4/ (2-1)

where 4 is the vertical displacement of the beam at the loading point and | is the

distance from the loading point to the column face (I = 550 mm).

The drift ratio of a monolithic beam-column joint is reported to range approximately
from 4% to 5%, which well satisfies the requirements of many standards. For example,
ACI T1.1-01 [16], CSA A23.3-07 [17], and ASCE 41-06 [18] require drift ratio of
3.5%, 2.5% and 2% to ensure the life safety in earthquake-prone regions, respectively.
For drift ratio of dry joints with concrete-end-plates and steel bolts, previous studies
reported a value of 1.5% [14]. Therefore, the application of this dry joint type is still
limited in earthquake-prone regions. Interestingly, the drift ratio of the currently tested

specimens was satisfactory to be applied in earthquake-prone regions.

Table 2-3 shows the peak loads and the corresponding drift ratios of all the specimens.
In general, the proposed dry joints showed good performances including drift ratio and
load-carrying capacities as compared to those from the previous studies [13-15].
Specimen MS exhibited a ductile load-displacement response with the highest drift
ratio of 5%, corresponding to the average peak load of 29.1 kN. This peak load is the
lowest load-carrying capacity among all the tested specimens. All the precast
specimens exhibited the same drift ratio of 3% at the peak loads. This value was higher
than 2.5% and 2% required by CSA A23.3-07 [17], and ASCE 41-06 [18],
respectively, to ensure life safety. Specimen PS2 reached the peak load of 39.5 kN at
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a drift ratio of 3%, which was 35.8% higher than that of the Specimen MS. For
Specimens PS3 and PS4, the maximum loading capacities were also significantly
increased with an average peak load of 36.8 kN and 46.8 kN, respectively, which were
26.6% and 61.2%, higher than that of Specimen MS.

Table 2-3. Load-carrying capacity and drift ratios of all the tested specimens.

Peak load (kN) Incgease Drift ratio (?t peak load
\ (%) Average Increase (%)
ame (kN) (%)

Push Pull  Push Pull Push Pull
MS 25.8 32.3 - - 29.1 - 5.0 5.0
PS2 39.9 39.0 546 208 39.5 35.8 3.0 3.0
PS3 35.8 37.7 386 16.9 36.8 26.6 3.0 3.0
PS4 50.3 433 947 343 46.8 61.2 3.0 3.0

Note: - = not applicable.

In the previous study by Sagan [14], which investigated the same kind of joints, the
failure occurred at the compression strut at the top and bottom zones of the concrete-
end-plate. Therefore, the current chapter used steel spirals to confine concrete in this
region and thus improve the load-carrying capacity and the drift ratio. Interestingly,
the ultimate load and the drift ratio of Specimens PS2 and PS3 were almost the same,
indicating that the use of spirals did not improve the performances of the joints. This
phenomenon can be explained by the change of the failure modes. The precast
specimens in this chapter failed due to tensile cracks of concrete in the middle zone of
the concrete-end-plate which was different from the previous study [14]. The change
in the failure modes was discussed in Section 2.2.4.2. Meanwhile, Specimen PS4 with
steel bolts had the same drift ratio of 3% but a higher maximum load (27.2%) as
compared to those of Specimen PS3 with CFRP bolts. According to previous studies
[46, 80, 81], high prestress levels improved the maximum load of joints. Therefore,
the improvement in the ultimate load of the specimen with steel bolts was attributed to
the prestress level in the bolts. Due to low torsion resistance, the CFRP bolts were
prestressed at a lower force than the steel bolts (6.5 KN vs 51 kN). Further study is
necessary to investigate the effect of these parameters on the load-carrying capacity of

joints.
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2.2.4.4 Ductility of joints

Ductility is a crucial parameter to evaluate the bearing capacity of a building under
earthquake loading. High ductility considerably minimises a reduction in strength and
brittle failure of a building. In addition, ductility significantly affects the energy
dissipation capacity of structures during inelastic deformations. In this chapter,
ductility is defined as the ratio of the ultimate displacement (4,) to displacement at the
yield loads (4y), as presented in Eq. 2-2 [82]:

= Ay (2-2)

The vyielding deformation in a reinforced concrete structure is determined
inconsistently in different studies since the relationship between the load and
displacement does not exhibit a clear yielding point due to the nonlinear behaviours of
materials [82]. In this study, the yield displacement is determined at the point
corresponding to the 75% of the ultimate load Hy while the ultimate displacement
corresponds to the displacement at 85% the post-peak load as shown in Fig. 2-12 [83].

Ultimate load
H - - - _ _ _ _

ke) Hr— Y — —— — — —
3 Hfp———— | |
B | Yielding point ‘
a \ \
Q ‘ He= 0.75H, |
< | H,= 0.85H, ‘

| |

\ |

>
A, Ay

Displacement

Fig. 2-12. Definitions of the yield displacement and the ultimate displacement.

In the current chapter, the maximum displacement of Specimens PS3 and PS4 stopped
at 27.6 mm and 28.1 mm due to the limitation of the hydraulic jack, which
corresponded to 90% peak load. Therefore, the ultimate displacement of Specimens
PS3 and PS4 was determined corresponding to 90% of the peak load. The load-
carrying capacity of Specimens PS3 and PS4 had a tendency to remain unchanged in

the push direction from 4% drift ratio until the end of the tests due to the change of
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failure mode from the joints into the beams. Therefore, the ultimate displacements of
Specimens PS3 and PS4 were quite high, preventing the brittle failure and giving

engineers warnings before the total collapse of the structures.

Table 2-4. Displacement and ductility of all the tested specimens.

Force Hy 075Hy 4y  0.85Hy Ay (85%)

Name p=Au/dy  Average (1)  Decrease (%)
(kN) (kN) (mm) (kN) (mm)

Push  25.8 19.4 15.6 22.0 35.8 2.3

MS 24
Pull 323 24.2 145 274 35.6 25
Push  39.9 29.9 14.2 33.9 215 15

pPs2 1.7 -29.2
Pull  39.0 29.3 12.0 33.2 22.4 1.9
Push  35.8 26.9 12.2 32.2* 27.5* 2.3

PS3 2.1 -12.5
Pull  37.7 28.3 11.1 34.0* 21.5* 1.9
Push  50.3 377 11.4 45.3* 26.5* 2.3

PS4 2.3 -4.2
Pull 433 325 11.4 39.0* 26.3* 2.3

Note: - = not applicable.
“at 90% of the post-peak load.

Table 2-4 summarizes displacements at the yielding and ultimate stages of all the
specimens in the two directions as well as the ductility ratio. Specimens PS3 and PS4
almost achieved the same ductility level as the reference Specimen MS, which were
2.1, 2.3, 2.4, respectively. For Specimen PS2, it showed less ductile behaviours than
Specimens PS3, PS4, and MS, with the ductility ratio approximately 19.0%, 26.1%,
and 29.2% less than that of the three specimens, respectively. Specimen PS3 showed
a higher ductility than that of Specimen PS2 as given in Table 2-4 even though they
had quite similar designs except for the prestressing force and steel spirals. This
difference results from the varied ultimate displacements. Although the ultimate
displacement of Specimen PS3 (27.5 mm) was calculated at 90% of the post-peak load,
it was still higher than that of Specimen PS2 (22.4 mm) at 85% of the post-peak load.
This result was because the load-carrying capacity of Specimen PS2 significantly
dropped after achieving the peak load in the push direction. Furthermore, using the
steel spirals with an appropriate pitch helped to increase the ductility due to an increase
in ultimate displacement in Specimens PS3 and PS4 [84]. The ductility of Specimens
PS3 and PS4 were quite similar (2.1 vs 2.3) because the behaviours of these specimens
were governed by concrete and steel reinforcements while the CFRP bolts and steel

bolts were over-designed with high capacity and were not yielded up to failure. The
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similarity also proves that CFRP bolts can be used to replace steel bolts to resolve the

corrosion problem effectively.
2.2.4.5 Energy dissipation capacities and equivalent viscous damping ratio

In order to evaluate the energy dissipation capacity of the beam-column joints, the
dissipated energy and equivalent viscous damping ratio are determined based on the

hysteretic loops.

2.2.4.5.1 Energy dissipation capacities
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Fig. 2-13. Energy dissipation curves of the tested specimens.

The energy dissipation capacity is an essential parameter to examine how effective a
joint withstands earthquake loading. A beam-column joint subjected to quasi-static
cyclic loading is classified as ductile if a sufficient amount of energy is dissipated
without a significant decline of its strength and stiffness [56, 85]. The energy
dissipation at a specific load cycle due to inelastic action is calculated as the area
enclosed (An) inside the hysteretic loop in that cycle. Fig. 2-13 presents the energy
dissipation capacity versus the drift ratio of the specimens. All the specimens exhibited

similar patterns of energy dissipation from the initial stage to drift ratio of 1% because
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they behaved elastically up to 1% drift ratio. However, the overall dissipated energy
of Specimen MS was less than that of the precast specimens from the drift ratio of 1%
until failure because the area (An) in each cycle of Specimen MS was smaller than that
of the precast specimens as shown in the hysteresis loops in Fig. 2-10. The energy
dissipation at 4% drift ratio of Specimens PS2, PS3, and PS4 was 57.9%, 45.1%, and
74.5% higher than that of Specimen MS, respectively. Therefore, it can be concluded
that the proposed dry joints showed good energy dissipation capacity and were suitable

for applications in the seismic-prone regions.
2.2.4.5.2 Equivalent viscous damping ratio

The equivalent viscous damping ratio represents the ability in reducing the peak
response amplitudes from inelastic deformation during an earthquake excitation [86].
The equivalent hysteretic damping ratio in a specific loading cycle is calculated based
on the area inside an absolute load-displacement hysteresis loop An to 27z times the
elastic strain energy absorbed in an equivalent linear elastic system as follows [86]:

foq =
€4 2aVAm

(2-3)

where Vim and An are the average peak load and displacement values in the i cycle,

respectively, and eq stands for equivalent.

The equivalent viscous damping ratio of Specimens MS, PS2, PS3, and PS4 was
presented in Fig. 2-14. From 0.3 to 0.5% drift ratio, the equivalent viscous damping
ratio of Specimens MS, PS2, and PS3 significantly dropped while that of Specimen
PS4 increased slightly. This phenomenon was because there was a high bending
moment in Specimen MS and low prestress level in CFRP bolts of Specimens PS2 and
PS3 which caused a higher initial displacement at an early stage if compared to
Specimen PS4.

Up to the drift ratio of 2%, the reference Specimen MS showed a higher equivalent
viscous damping ratio than Specimens PS3 and PS4. At the drift ratio of 2.5%, the
equivalent viscous damping ratio of Specimens PS2, PS3, and PS4 was almost equal
and higher than that of Specimens MS. However, when the drift ratio is greater than
2.5%, the equivalent viscous damping ratio of all the specimens slightly increased and
all the precast specimens exhibited a higher equivalent viscous damping ratio than that
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of Specimen MS. This reduction of Specimen MS was attributed to pinching in the
curves, concrete crushing, and shear stress, which contributed to narrowing the

hysteresis loop.
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Fig. 2-14. Equivalent viscous damping ratio curves of the tested specimens.

2.2.4.6 Stiffness degradation

Stiffness degradation of specimens under quasi-static loading is usually defined by the
secant stiffness changes of the load-displacement curves. However, when connecting
the push and pull peaks of each cycle in the cyclic tests, the line does not go through
the origin. In the current study, the effective stiffness was utilized to evaluate the
stiffness degradation of the specimens in the cyclic tests. The slope of the line, which
connected the push and pull peak loads, was used to determine the effective stiffness
at each drift ratio (Fig. 2-15). The stiffness of all the specimens monotonically declined
with the increase in the applied load. This observation is due to the numerous cracks
formed at the concrete-end-plates and the crushes of concrete as shown in Fig. 2-6.
The comparisons in the effective stiffness degradation among all the specimens are

shown in Fig. 2-16.
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Fig. 2-16. Comparison of peak to peak stiffness.
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Fig. 2-17. The progressive failure process.

In general, all the precast specimens showed higher effective stiffness than Specimen
MS until the drift ratio reached 4% because El/l ratio of all the precast specimens was
higher than that of Specimen MS (where El and | are the flexural rigidity and the length
of a member, respectively). The effective stiffness of all the specimens continuously
reduced from the beginning of the test although the envelope curves (Fig. 2-11)
showed nearly linear responses in the initial stage. This phenomenon is possible
because the development of concrete cracks occurred early in this stage (Fig. 2-17).
Additionally, the data of strain gauges at 0.5% drift ratio also indicated that the strain

of concrete exceeded the value of 30%e,, so the concrete started to experience
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nonlinear responses. The stiffness degradation trends of Specimens PS2 and PS3 were
quite similar to each other, from drift ratio of 1% to 4%. The initial stiffness at 0.3%
drift ratio of Specimens MS, PS2, and PS3 was less than that of Specimen PS4, by
approximately 35.3%, 17.6%, and 11.8% respectively, because the elastic modulus of
steel bolts (200 GPa) in Specimen PS4 was higher than that of CFRP bolts (100 GPa).
As a result, Specimen PS4 exhibited the highest stiffness among the tested specimens.

2.2.4.7 Joint openings

The joint opening is not expected in this precast joint type during the service condition.
However, when an excessive load (above the serviceability level) is applied to the
joint, it may open and then close after the load reduces. Joint openings of Specimens
PS2, PS3, and PS4 at the top surface and the bottom surface of the concrete-end-plate
are shown in Fig. 2-18. It can be noted that the three specimens using the bolts to
connect beams and columns reached the maximum opening at the drift ratio of 2.5%.
This phenomenon may be explained that the elongation of the bolts reached the
ultimate values at 2.5% drift ratio and then the development of the cracks on the
concrete-end-plate, the fixed end, and Beam A mainly contributed to the deflection at
the beam tip. Therefore, although the load-carrying capacity still increased at 3% drift

ratio, the joint opening slightly decreased.

Fig. 2-18 showed that the joint opening of Specimen PS4 was very small (almost zero)
while those of Specimens PS2 and PS3 were approximately 2.0 mm and 1.6 mm at 2.5
% drift ratio, respectively. This phenomenon resulted from the effects of prestress
levels in the bolts and the elastic modulus of the bolts. The prestress levels in steel
bolts of Specimen PS4 were approximately 51 kN while those in the CFRP bolts of
Specimens PS2 and PS3 were only 4.1 kKN and 6.5 kN, respectively. The torsion
resistance of CFRP bolts was quite low so they could not be prestressed to a high level.
High prestress levels on CFRP bolts could lead to premature damage to the bolts as
shown in Fig. 2-19. Meanwhile, the tensile forces in the top and bottom bolts at the
concrete-end-plate measured by load cells during the tests are shown in Fig. 2-20. At
the drift ratio from 0.3% to 1.5%, these tensile forces in Specimens PS2 and PS3 were
similar due to the role of the prestress forces in the initial stage. After that, the load-
carrying capacity of Specimen PS2 was higher than that of Specimen PS3. Therefore,

the tensile forces in the CFRP bolts of Specimen PS2 were also higher than those of
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Specimen PS3. Consequently, the maximum joint opening in Specimen PS2 was
higher than that of Specimen PS3 as shown in Figs. 2-18 and 2-20. It is suggested that
the CFRP bolts need to be prestressed to a higher level to minimize the joint opening.
Further study is deemed necessary to overcome the problem associated with the low

torsion capacity of the FRP bolts.
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Fig. 2-18. Opening of joints at the top and bottom surface of the concrete-end-plate.

Fig. 2-19. The failure of CFRP bolts when being prestressed with a high level using a

torque wrench.
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Fig. 2-20. Bolt forces at the top and bottom zone of the concrete-end-plate.
2.3 Analytical calculations

In this section, the design models for beam-column joints from previous studies are
adopted to examine their suitability in predicting the capacity of the precast joints
using CFRP bolts and steel bolts. The examined standards include ACI 318-11 [72],
NZS 3101-06 [87], BS EN 1998-1-04 [88], AlJ-2010 [89]. It is worth mentioning that
all these standards and Hwang and Lee [90] model were proposed for the analysis of
monolithic beam-column joints. So far, there have been no models to calculate the
nominal shear capacity of the bolted precast beam-column joints. ACI 318-11 [72]
recommended the following equation to calculate the nominal shear capacity of

monolithic beam-column joints:

Vo =¥V e 4 (2-4)

where y refers to a set of constants related to the confinement of the joints, y = 1.7 for
joints confined by beams on all four faces, y = 1.2 for joints confined by beams on two

or three faces, y = 1.0 for other cases, £ is the compressive concrete strength, 4; is the
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effective joint area, and b; and h., are the effective joint width and depth,
respectively, b, and b, are the width of beam and column, respectively, determination

of by, b., h.,;, and x is shown in Fig. 2-21,
A] = bthOl! b] = min{bb + 2x, bb + hCOl} if bC = bb'bj = bC if bC < bb

NZS 3101-06 [87] suggested the following equation to estimate the shear resistance of

monolithic beam-column joints:
V,, = min{0.2f/A;, 10 MPaA;} (2-5)
where A; = bjh.,;, b; has the same value of b; in the model of BS EN 1998-1-04 [88].

BS EN 1998-1-04 [88] proposed the following equation for monolithic beam-column

Vo = Mfea 1 - ()4, (2:6)

where A depends on the joint types, 2 = 1 for interior joints, 2 = 0.8 for exterior joints,

joints:

n=20.6 (1 — 2%) is the reduction factor on concrete compressive strength due to

!
tensile strains in the transverse direction, f,.; = f—cs is the design value of concrete
compressive strength, v, is the normalized axial force in the column above the joints,
Ug = ﬁ, N4 is an axial force from the analysis for the seismic design situation, Ac
cJcd

is the section area of the concrete column,

A; = bhj., bj = min{be, by + 0.5hco)} if be = by, b; = min{by, b, + 0.5k} if

b. < by, and hj. is the distance between layers of column reinforcement.

AlJ-2010 [89] adopted the following equation to compute the nominal shear strength

of beam-column joints:
For mean value: Vimean = ¢f." A}, (2-7)

For lower value: Vitower = k®;0.8f/%7 4; (2-8)
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where a, £, and k are based on the joint types, in which a= 0.8, = 0.712, and k= 1.0
for interior joints, a= 0.59, p= 0.718, and k= 0.7 for exterior joints.

¢j= 1.0 for joints confined by beams on all four faces, ¢; = 0.85 for other cases,

_ (bar h _ (baz h
A; = bjhco;, b; = by + min {%,CT‘”} + min {%2, ;"’}, values of by, bai, bazand h.,

are shown in Fig. 2-21.

Hwang and Lee [90] suggested the following softened strut and tie model for beam-

column joints:
Vo =K {fc Asercost (2-9)

where K= K, + K,, -1 istie index, K; and K,, are horizontal and vertical tie indexes for
under-reinforced cases, K, =1+ (K, — DFyn/Fy < Ky, K, =14 (K, — DE,,,/
E, <K,,

— 1 = 1

Kn = m,& = mo2emr )]’ K, and K, are horizontal and vertical tie

indexes with enough horizontal and vertical reinforcements,

Fy, = YuKplf! Agrcos8, E, = v, K, Uf) Asrsind, Fy,, E, are horizontal and vertical tie
forces which horizontal and vertical ties reach yielding at failure,

Fy = AipEsep < Fyp, E, = ApEse, < E,,,, F and F, are horizontal and vertical tie
forces, F,, and E,,, are yielding forces of horizontal and vertical ties, A.,and A, are
the areas of horizontal and vertical ties, E is the elastic modulus of steel bars, ¢, and
&, are the strains of horizontal and vertical ties, 4 is the angle between the diagonal

strut and the horizontal direction, y;, and y,, are the force distribution coefficient, y,, =

2tanf—-1 __ 2cotf-1

W= ¢ is the softening coefficient, { = 3.35/,/f/ < 0.52, Ay, =

asbg, ag and by are the depth and width of the diagonal strut, respectively,

as = a, = (0.25 +0.85 /1%) Reor (2-10)

The effective area A;, presented in ACI 318-11 [72], NZS 3101-06 [87], BS EN 1998-
1-04 [88], Al1J-2010 [89], is shown in Fig. 2-21. In all the above standards, the column
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width b is often larger than the effective joint width b;. b; in NZS 3101-06 [87] and
in BS EN 1998-1-04 [88] is the same and h;. in BS EN 1998-1-04 [88] is lower than

h¢o; In ACI 318-11 [72], NZS 3101-06 [87], A1J-2010 [89]. These differences lead to
the effective joint areas A; in BS EN 1998-1-04 [88] the lowest.
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Fig. 2-21. Definition of the effective joint area.

Hwang and Lee [90] model proposed an assumption to determine the effective area of
the diagonal struts Ag;,-. The depth a;, of the compression zone in the beam was
neglected in calculating a, because only a small compression zone in the beam
suffered from crushing. Hence, the depth of the struts can be computed by a;= a..
Additionally, the width of the diagonal strut b is defined as the effective width b; of
joints as recommended in ACI 318-11 [72]. In ACI 318-11 [72], BS EN 1998-1-04
[88], and AIJ-2010 [89], the effects of the confinement from the adjacent beams were
investigated, whereas those effects were not mentioned in NZS 3101-06 [87].
Additionally, only BS EN 1998-1-04 [88] considered the effect of the axial load on the
column. When the axial load decreases, there is an increase in the nominal shear
capacity V, in the joints (see Eg. 2-6). The concrete compressive strength is a crucial
parameter to estimate the nominal shear capacity of beam-column joints. In addition,
the tensile forces in the longitudinal reinforcements and the bolts were taken from data

of the strain gauges and the load cells to calculate the joint shear force Vjp,q, in

Specimens PS3 and PS4. For Specimen PS2, the yield stress was used to calculate
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tensile forces in longitudinal reinforcements due to unreliable data of strain gauges on
this specimen. The data of the strain gauges and the load cells are shown in Fig. 2-7
and Fig. 2-20.
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Fig. 2-22. Global equilibrium of exterior joints.

Fig. 2-22 illustrates the equilibrium conditions to calculate the shear capacity (Vjmqx)

in the joint. This value is determined as follows:
Vimax =T3 =Ty (2-11)

where T; is either the reaction force at column top of the monolithic specimen or
tensile force in the bolts of precast specimens, T is the tensile force in the longitudinal
reinforcements. T; depends on H and h which are the distance from T; of monolithic
and precast specimens to the central axis of the beam, respectively. From the
equilibrium condition, T; is inversely proportional to H and h, in which H is
significantly greater than h. This result indicates that the shear capacity (Vjqy) of

Specimen MS is higher than that of Specimens PS3 and PS4. The shear capacity in the
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experiment (Vpq,) and the nominal shear capacity V;, of all the tested specimens are
listed in Table 2-5. Considering the data in Table 2-5, Fig. 2-23 and Fig. 2-24, it is
clear that the safety factor of Hwang and Lee [90] model was higher than those of all

the standards.

As can be seen from Figs. 2-23 and 2-24, most of the standards and Hwang and Lee
[90] model predicted the shear capacity of Specimen MS with significant variations
because the main failure mode of Specimen MS occurred in the beam at the fixed end.
For all the precast specimens, all the standards and Hwang and Lee [90] model
predicted the nominal shear capacity of the joints with variations up to 96.1%, as
shown in Table 2-5. This result can be explained that the failure mechanism, which
was used to calculate the nominal shear capacity V;, in the standards and Hwang and
Lee [90] model, was different from the failure mechanism in these precast specimens.
In all the standards, the nominal shear capacity was generally evaluated based on the
diagonal compressive strut mechanism whereas the tensile cracks and the concrete
crushing governed the main failure of these specimens, as discussed in the above
sections. In addition, all the standards and Hwang and Lee [90] model do not consider
the effects of prestress levels in the bolts. Further studies towards analytical models

for this type of beam-column joint is deemed necessary.
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Fig. 2-23. Comparisons between the experiments and analytical results.

Table 2-5. The values of Vjmax from the experiment and V, in the standards.

Al
0, 0,
Name  Vina (kN) '(“VC)' ) ’\0'/2? %) ('f/N) ) fo)”g %) Lg\/f\’,’er nSlQn
(Vn), lower  (Vn), mean
MS 1666 2169 302 307.2 844 1927 157 1801 8.1 2141 283.4 285 701
) 1745 1859 65 2304 320 1845 57 1607  -7.9 183.6 243.0 52 392
PS3 137.6 1859 351 2304 67.4 1845 341 1607 168 183.6 243.0 334 766
PS4 1239 1859 500 2304 859 1845 489 1607 297 183.6 243.0 481 961
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Fig. 2-24. Variations between the experiments and analytical results.

For Specimen MS, the nominal shear capacity 1}, calculated by ACI 318-11 [72], NZS
3101-06 [87], BS EN 1998-1-04 [88], lower-AlJ-2010 [89], mean-AlJ-2010 [89], and
Hwang and Lee [90] model was higher than Vjn,, about 30.2%, 84.4%, 15.7%,

28.5%, 70.1% and 8.1%, respectively. For precast specimens, the nominal shear
capacity V,, of Specimen PS2 estimated by the ACI 318-11 [72], BS EN 1998-1-04

[88], and lower-AlJ-2010 [89] shows nearly the same value as Vj;,q,. Meanwhile, all

the standards predicted the nominal shear capacity of Specimens PS3 and PS4 with

considerable variations. The lowest variation of 33.4% was for Specimen PS3 using

lower-AlJ-2010 [89] while the highest variation was 96.1% when using mean-AlJ-
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2010 [89] to estimate the capacity of Specimen PS4. Hwang and Lee [90] model
predicts the nominal shear capacity of Specimens PS3 and PS4 with relatively smaller

variation of 16.8% and 29.7%, respectively.
2.4 Summary

The proposed dry beam-column joints exhibited good performances and, therefore,
can be potentially used in the prefabrication construction in both non-earthquake and
earthquake-prone regions. From the experimental results and observations, the

following conclusions were drawn.

1. CFRP bolts can well replace steel bolts to effectively mitigate corrosion
problems.

2. The main failure occurred in the middle zone rather than at the top and bottom
zones of the concrete-end-plates. This result is different from the observation
reported in the previous study of Sagan [14].

3. The maximum applied load and effective stiffness in all the precast specimens
were higher than those of the monolithic specimen by approximately 27-61%
and 27-55%, respectively.

4. The ductility of Specimens PS3 and PS4 and MS was almost the same (2.2 vs
2.4). The ductility of Specimen PS2 was smaller than others due to a lack of
confinement from steel spirals in the concrete-end-plate.

5. The overall dissipated energy of the precast specimens exceeded Specimen MS
approximately by 45-75%. Drift ratio of all the precast specimens achieved 3%
which satisfied the requirement of CSA A23.3-07 [17] and ASCE 41-06 [18]
standards. Therefore, the proposed dry joint could be well applied in
earthquake-prone regions.

6. The higher prestress level could not only improve the loading capacity but also
reduce the joint openings of the precast beam-column joints.

7. The model recommended by ACI 318-11 [72], BS EN 1998-1-04 [88], lower-
AlJ-2010 [89], and Hwang and Lee [90] predicted the nominal shear capacity

of Specimens PS3 and PS4 with significant variations.
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In conclusion, the proposed dry joint with CFRP bolts can effectively mitigate
corrosion problems in the conventional dry joints but still meet the requirement for

constructions in non-seismic and seismic-prone zones.
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CHAPTER 3: EFFECTS OF STEEL FIBRES AND PRESTRESS
LEVELS ON BEHAVIOUR OF NEWLY PROPOSED EXTERIOR
DRY JOINTS USING SFRC AND CFRP BOLTS

ABSTRACT?

This chapter proposes a new type of dry exterior beam-column joints for precast
moment-resisting concrete frames. This dry joint type uses steel fibre reinforced
concrete (SFRC) and carbon fibre reinforced polymer (CFRP) bolts to improve the
joint capacities. In addition, an analytical model to predict the load-carrying capacity
of this precast joint type is also proposed. Five exterior beam-column joints were cast
and tested under quasi-static cyclic loads until failure. The experimental results
revealed that the use of SFRC significantly improved all the indices, including the
load-carrying capacity, drift ratio, ductility, energy dissipation and stiffness. Also, the
proposed joints outperformed the monolithic specimen in terms of load-carrying
capacities, energy dissipation, and stiffness by 27%-61%, 45%-75%, and 27%-55%,
respectively. Particularly, the drift ratio of the proposed joints reached 3.5%, which
satisfies the requirements for ductile joints to be used in earthquake-prone regions
according to various standards. Finally, the proposed model yielded good predictions
as compared to the experimental results with minor variations of approximately 0.9%-
2%. These exciting results indicate that the use of SFRC and CFRP bolts could help to
avoid the challenging issue of corrosion in the conventional dry exterior joints and still
ensure the sufficient requirements for reinforced concrete structures in non-seismic

and seismic-prone areas.

2 This work was published in Engineering Structures with the full bibliographic
citation as follows:

Ngo TT, Pham TM, Hao H. Effects of steel fibres and prestress levels on behaviour of
newly proposed exterior dry joints using SFRC and CFRP bolts. Eng Struct
2020;205:110083.

https://doi.org/10.1016/j.engstruct.2019.110083
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3.1 Introduction

Beam-column joints serve as an important component of a reinforced concrete (RC)
structure to guarantee the integrity and overall stability when the frame is subjected to
a cyclic lateral load [1]. Under seismic loading, shear stress significantly concentrates
at beam-column joints whereas in some cases transverse reinforcements are not
sufficient to resist this shear stress [40, 91]. Therefore, various inclined cracks in two
directions develop and cause brittle shear failure in beam-column joints. This brittle
shear failure causes numerous serious consequences since it often occurs suddenly
without any warnings before the total collapse of buildings [1, 45]. Various recent
devastating earthquakes across the world have demonstrated this dangerous brittle
failure, such as the 1995 Hyogo-ken (Japan), the 1999 Kocaeli (Turkey), and the 1999
Chi-Chi (Taiwan) earthquakes and many more. The brittle shear failure is an
undesirable result of non-ductile performance, caused by either inadequate anchorage
of the main reinforcing bars or a shortage of transverse reinforcements in the joint [92,

93]. Therefore, it is crucial to improve the ductility of beam-column joints.

Most of existing studies focused on investigating the structural performances of
monolithic, wet or hybrid joints [7-9, 45, 54, 58, 94, 95] concerning their good
performances in terms of strength, stiffness, energy dissipation capacity, and
especially ductility under cyclic loadings. Nevertheless, the use of these joints has
revealed some shortcomings, such as higher construction time and construction cost.
Actually, most of these disadvantages could be overcome with the application of dry
joints. Dry joints use mechanical connections to assemble prefabricated structural
components and, thus, do not require formworks [14, 96, 97]. Also, these joints require
fewer efforts on the construction quality control. Additionally, it is easier and more
cost-effective to have dry joints directly recycled [13-15, 96-99]. Despite their
advantages, the use of dry joints in reality is still limited due to their remaining
disadvantages, such as inadequate ductility, strength, and vulnerability to corrosion
damage. Among them, corrosion is the most costly issue and is the main cause for
structure deterioration, i.e. it has been estimated that the average annual cost of
maintaining and improving bridges in the United States of America could respectively
reach $5.8 billion and $10.6 billion during the period of 1998 to 2017 [100]. Corrosion

is more likely to occur in traditional dry precast joints since such connecting elements
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as steel bolts, plates, and tendon strands are not covered and protected by concrete.
Corrosion of the connecting elements might lead to serious damage or even collapse
of the entire structures even though other parts of the building are still in a good
condition [3, 57, 101]. More problematically, in some cases, the repairing and
maintaining costs of damaged members could be twice as much as the original ones
[5, 6].

To improve the performance of dry joints, Chapter 2 proposed dry joints with concrete-
end-plate and CFRP bolts which showed excellent performance in all the important
indices such as the load-carrying capacity, energy dissipation, ductility and stiffness
compared to conventional monolithic joints. Replacing steel bolts with CFRP bolts
helps to resolve the corrosion issue effectively. These promising results indicated that
those proposed precast joints could be potentially applied to prefabrication
constructions in non-seismic and seismic-prone areas. Also, the results showed that
the main failure of this joint type was caused by inclined cracks induced by shear
stresses [19]. To avoid such failure, the contemporary design standards [71, 72, 87,
88] require a high percentage of stirrups in the concrete-end-plate. These requirements
could lead to steel congestion, construction difficulties, and size increase of the
concrete-end-plate. Meanwhile, in order to ensure the architectural requirements, it is
necessary to reduce the size of the concrete-end-plate which might cause the slip and

anchorage failure of the beam’s longitudinal reinforcements.

Considering the above issues, fibre reinforced concrete (FRC), as later proposed and
investigated in the current chapter, might be a potential solution. FRC offers higher
tensile strength, greater shear resistance, higher toughness, better bond, and greater
seismic resistance than conventional concrete [40, 92, 102-107]. It is well-known that
conventional concrete exhibits excellent behaviours in compression but weak
performance in tension. This disadvantage could be resolved by the inclusion of
suitable fibre volume to improve the pre-cracking and post-cracking performance
[105-107].

Fibres are popularly used in FRC in four types, including steel fibres, glass fibres,
carbon fibres, and synthetic fibres. Fibres are not only used to improve the structural
strength but also to other aspects of structural performances due to their numerous

benefits, including chemical resistance, corrosion resistance, and abrasion resistance.
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Glass fibres have been used since the late 1960s and offered excellent engineering
properties [92]. For example, these fibres exhibit high tensile strength (2-4 GPa) and
elastic modulus (40-80 GPa). However, durability is a disadvantage of glass fibres
because the fibres suffer a significant strength reduction when they are exposed to
harsh environments. Therefore, glass fibre reinforced concrete has not been popularly
applied in reality. As the second type of fibres, carbon fibres have higher tensile
strength and elastic modulus than glass fibres. However, their application has still been
limited because they are more expensive than other types of fibres. Meanwhile,
synthetic fibres, which are produced from the textile and petrochemical industries,
contribute approximately half of all fibre utility. There are various classes of synthetic
fibres but nylon, acrylic, polyester, and polyolefin dominate in the market. Also,
synthetic fibres have significantly different levels of tensile strength and elastic
modulus, approximately 230-1100 MPa for tensile strength and 5-19 GPa for elastic
modulus [108]. Besides, steel fibres have been applied in concrete since the early of
the 1990s and there have been various changes in shapes until now [92]. The early
steel fibres had a round, straight, and smooth form with chopped lengths. This steel
fibre type has been rarely used in recent years and is almost replaced by modern steel
fibres with a deformed surface of hooked ends to ensure a better anchorage in concrete.
In general, steel fibres exhibit ductile stress-strain characteristics with high tensile
strength (0.5-2 GPa) and elastic modulus (up to 200 GPa) [92]. Considering the
comparisons of these fibre types, steel fibres were chosen for the current study.

In the literature, there have been only two experimental studies investigating the joint
behaviours using the concrete-end-plate and steel bolts [13, 14]. However, steel bolts
in the connections are susceptible to corrosion, thus, Chapter 2 proposed CFRP bolts
to replace these steel bolts. Chapter 2 found that the inclined cracks at the middle zone
of the concrete-end-plate are the main failure mode of this precast joint type.
Therefore, the current chapter investigates the use of SFRC to minimize the inclined
cracks on the concrete-end-plate and thus improve the load-carrying capacity,
ductility, energy dissipation, stiffness and drift ratio of these joints. In addition, the
current chapter also investigates the effects of the prestress levels on the bolts. Finally,
since there is no analytical model for this precast joint type, this chapter also proposes
an empirical model for this precast joint type so that it could be effectively applied in

practice.
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3.2 Experimental program

Five specimens were cast and examined under quasi-static cyclic loads until failure to
evaluate effects of various parameters on their performance. The five specimens,
namely M1, P2-C-SP, P3-C-NSP-F, P4-S-SP-H, and P5-S-SP, were labelled based on
their characteristics. The letters “M” and “P” indicate the reference monolithic
specimen and the precast specimens, respectively. The letters “C” and “S” denote the
use of CFRP bolts or steel bolts. The letters “NSP”, “SP”, and “F” represent the use of
no spirals, spirals, and steel fibres in the concrete-end-plate, respectively. Among the
specimens, only Specimen P4-S-SP-H was prestressed at a high level of 51 kN so the
letter “H” is used to distinguish this difference while the prestressing force of other
specimens was approximately 6.5-10.5 kN. The 20-mm diameter bolts were used for

all the precast specimens.
3.2.1 Design of the specimens

To investigate the effects of steel fibres and prestress levels on the structural response
of the beam-column joints using concrete-end-plate and bolts, four precast exterior
beam-column joints were designed based on previous studies [13-15, 19]. It should be
noted that there were no specific standards for the precast joints using bolts and
concrete-end-plates. The monolithic specimen which had similar dimensions of the
precast specimens was designed in accordance with ACI 352R-02 [71] and ACI 550R-
96 [70], and was served as a reference specimen. The design philosophy of strong
column and weak beams was applied to all the specimens. The columns in all the
specimens had the same length of 1280 mm with a square-shaped cross-section of
200%200 mm?. Four deformed steel bars with a diameter of 16 mm, placed at the four
corners, were used as longitudinal reinforcements. Stirrups with a diameter of 10 mm
were arranged with a spacing of 70 mm to resist shear forces in the columns (Fig. 3-
1).

There are two components on the beams of the precast specimens, including (1) the
concrete-end-plate and (2) a rectangular beam, namely Beam A. All the beams also
had a square cross-section of 150x150 mm? and were reinforced with 16-mm deformed
bars. Additionally, the shear reinforcements of these beams, which had the same
diameter of 10 mm, were also placed with a spacing of 70 mm. The size of Beam A
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was 150x150x520 mm?® while that of the concrete-end-plate was 350x150x200 mm?
as exhibited in Fig. 3-1.
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Fig. 3-1. Designs of the precast specimen (left) and monolithic specimen (right)

(unit: mm).

To monitor strain of concrete inside the concrete-end-plate, 6.1-mm aluminium bars
were placed in the assumed direction of the concrete strut and strain gauges were
attached to these bars as shown in Fig. 3-2. In addition, to ensure the sufficient bond
between the concrete and the aluminium bars, notches were created by a cutting
machine. All the beams and columns had a clear concrete cover of 35 mm as per ACI
318-11 [72]. The prestress level and the tensile force in the bolts during the test are
important parameters which affect the load-carrying capacity and joint opening of this
kind of joint [19]. Therefore, this current study used two load cells with a capacity of

20 ton to monitor the tensile forces in the bolts during the tests as shown in Fig. 3-3.
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Fig. 3-3. Positions of load cells on the bolts and strain gauges on the concrete-end-

plate.

3.2.2 Mechanical properties of materials

Ready-mixed concrete from local suppliers (i.e., Western Australia) was used to cast
the specimens. For the beam of Specimen P3-C-NSP-F, the concrete was mixed with
1% fibre volume by a concrete-mixer in the Civil Engineering Laboratory, Curtin
University. The average compressive strength (f”c) and tensile strength (fct) on the
testing day were 38.4 MPa and 3.8 MPa for conventional concrete, and 32.3 MPa and
4.3 MPa for SFRC, respectively. It is noted that Specimen P3-C-NSP-F was cast by a
different concrete batch from the other four specimens. The hook-ended steel fibres
were supplied by TEXO company [109]. The length and the diameter of steel fibres
were 35 mm and 0.55 mm, respectively. The tensile strength, elastic modulus, and
aspect ratio (I/d) were 1350 MPa, 210 GPa, and 65, respectively. Conventional steel
bars of 8 mm, 10 mm, and 16 mm were used for spirals, stirrups, and longitudinal
reinforcements, respectively. Bolts, nuts, and plates were produced from CFRP
material and were provided by J and R Metalwork Industry Pty Ltd [76]. Other
properties of these steel bars, aluminium bars, CFRP bolts, and CFRP nuts, which were

provided by the manufacturers, are presented in Tables 3-1 and 3-2. Strain gauges with
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the length of 60 mm and 5 mm were attached on concrete surfaces, longitudinal
reinforcements, aluminium bars, and stirrups to measure their strain. Locations of these

strain gauges are specified in Figs. 3-2 and 3-3.

Table 3-1. Steel reinforcements and aluminium bars properties.

Diameters fy fu Es Area
Notes
(mm) (MPa) (MPa) (GPa) (mm?)
8 377 522 200 50 Spirals
10 560 675 200 78 Stirrups
16 597 706 200 201  Longitudinal reinforcements
6.3 110 150 69 31 Aluminium bars

Table 3-2. Details of CFRP bolts, nuts, and plates [76].

Tensile  Shear  Bending Compressive Ultimate Impact  Elastic =~ Weight

Names Size strength  strength  strength strength load strength  modulus
(mm) (MPa) (MPa) (MPa) (MPa) (kN) (kd/m2) (GPa) (9)
Bolts 020 >850 =160 480 760 >267 185 100 376
Nuts 020 * * * * 100 * 100 44
Plates  150x90x20 * * * * >100 * 100 540

Note: * not given.

3.2.3 Test setup

The columns of the precast specimens were connected to a steel frame, followed by
the setup of the beam. CFRP plates with a size of 150x90x20 mm? were positioned
into the CFRP bolts before the nuts were tightened with a torque wrench. The torsion
level applied to the nuts was 80 Nm to avoid concentrated stresses around the bolts
[19]. The main hydraulic jack was placed at the beam tip with a distance of 550 mm
from the column surface to apply a vertical quasi-static cyclic load. Another hydraulic
jack was placed on the column top to apply the vertical restraint with an axial force of
15 kN. This force was maintained as low as possible to minimize beneficial effects of
axial force on the capacity of the joints [79]. The schematic setup and details are

presented in Fig. 3-4. All the exterior joints were subjected to quasi-static cyclic loads
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until failure and the loading history is shown in Fig. 3-5. All the testing process was

conducted under displacement control at the rate of 6-9 mm/min.
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Fig. 3-5. Cyclic loading history.
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3.2.4 Experimental results and discussion

3.2.4.1 Hysteretic response

The applied load versus drift ratio responses of all the specimens are presented in Figs.
3-6 and 3-7. Overall, the applied load-displacement hysteretic responses were almost
symmetrical in both push and pull directions because there were the same top and
bottom reinforcements in all the tested specimens. Nevertheless, after the peak loads,
the hysteretic curves were asymmetrical because of large and irreversible deformation,
which was also reported in the previous studies [14, 15]. The hysteresis loops of
Specimens P2-C-SP, P4-S-SP-H, and P5-S-SP were quite similar to each other, with
almost linear responses until 2% drift ratio and then the applied load slowly increased
until achieving the peak load at 3% drift ratio. After 3% drift ratio, the applied load
dropped although the displacement at the beam tip still increased. During this stage,
the CFRP bolts and steel bolts did not reach the yielding points until the specimen
failure while the longitudinal reinforcements still behaved linearly up to 3% drift ratio
as seen in Fig. 3-8, which shows the measured strain of the reinforcements on the
beams and the concrete-end-plates. The dots in this figure show their maximum strain
at each cycle. Consequently, the concrete governed the main failure with various
inclined cracks on the concrete-end-plate. These inclined cracks resulted in
degradation in the applied load after reaching the peak load. Meanwhile, Specimen P3-
C-NSP-F underwent more ductile responses than other precast specimens when
reaching the peak load at the drift ratio of 3.5%. After 1.5% drift ratio, the hysteresis
loop exhibited nonlinear behaviours up to the peak load. Afterwards, the applied load
approximately obtained a plateau within a range of the drift ratio from 3.5% to 5.0%.
This is a favourable response of an important structural member such as beam-column
joints. This great improvement was due to the contribution of steel fibres inside the
concrete-end-plate. Since SFRC had higher tensile strength (4.3 MPa) than
conventional concrete (3.8 MPa), the inclined cracks on the concrete-end-plate, which
caused the main failure of this kind of joint [19], were effectively minimized (see Fig.
3-9(P3-C-NSP-F)).
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Fig. 3-6. Hysteretic load-drift ratio relationship of test specimens.

The hysteretic curves of Specimens P4-S-SP-H and P5-S-SP depict the influence of

the prestress level of the bolts. These two specimens had the same design except the

prestress force in Specimen P4-S-SP-H (51 kN) was higher than that of Specimen P5-

S-SP (10.5 kN). The high prestress levels did not change the shape of hysteretic curves
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until failure but it affected the peak loads. The maximum loads of Specimens P4-S-
SP-H and P5-S-SP were 50.3 kN and 41.8 kN, respectively, which exhibits an increase
of 20%. The high prestress levels in bolts improved the load-carrying capacity of this
precast joint type. Interestingly, the envelope curves of all the precast specimens depict
that the applied loads remained almost unchanged from 4% to 5% of the drift ratio as
shown in Fig. 3-7. This phenomenon could be attributed to the yielding and strength
hardening of the longitudinal reinforcements. The reinforcements started to yield at
approximately 4% drift ratio and then stresses in the reinforcements still raised. This
performance was a result of the fact that all the beams were designed as over
reinforced. Therefore, the longitudinal reinforcements caused the plateau responses of
the precast specimens from 4% and 5% drift ratio. This behaviour prevented the
occurrence of brittle failure and offered necessary warnings before complete collapse
of structures. This observed behaviour also shows that the use of this precast joint type
may offer a safer solution as compared to other joints.
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Fig. 3-7. Load-drift ratio envelopes of all the specimens.

For Specimen M1, the elastic response was observed up to drift ratio of 1%. From 1%
drift ratio upwards, the number of cracks gradually increased, which signified the

energy dissipation capacity of the specimen and also caused the nonlinear responses
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of Specimen M1. At 2.7% drift ratio, Specimen M1 began to yield before achieving
the peak load at 5% drift ratio. From 5% to 6.5% drift ratio, the applied load

continuously decreased and the test stopped at 6.5% drift ratio.
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3.2.4.2 General behaviours and failure patterns

The maximum tensile forces in the CFRP bolts and steel bolts were significantly lower
than their nominal tensile strengths. For instance, the maximum tensile forces of the
CFRP bolts and steel bolts in Specimens P2-C-SP and P4-S-SP-H were 34.1 and 57
KN respectively, which was approximately 34% and 40% of their ultimate tensile
strength. Hence, no failure was observed in the CFRP bolts during the tests. Cracking
patterns of all the tested specimens are shown in Fig. 3-9. No cracks could be found
on the columns of all the precast joints while only minor cracks were observed on the
column of the monolithic joint. The columns showed excellent behaviours with no
failure, which makes all the specimens satisfy the requirements of the design principle
of weak beams-strong columns. In addition, although this precast joint type did not
have corbels or brackets to resist shear forces, the LVDT data demonstrated that there
were no slips between the concrete-end-plates and column interfaces. It means that the
friction between the column and the concrete-end-plate is sufficient to resist shear

forces.

To further investigate the failures of all the specimens, it is necessary to estimate the
load-carrying capacities of the joints, which are governed by the capacities of either
the concrete-end-plate or the beam (Beam A). Assuming failure occurs at Beam A, the
design load of the monolithic joint is 28 kN while all the precast beams have a design
load of 44 kN, except for Specimen P3-C-NSP-F with 39 kN. The design load of
Specimen P3-C-NSP-F was lower than that of other precast specimens due to its lower
compressive strength (.= 32.3 MPa for P3-C-NSP-F and /.= 38.4 MPa for other
precast specimens). If the maximum load of a specimen was lower than the estimated
design load of the beam, it could be concluded that this specimen failed in the joint.
Otherwise, this specimen failed on the beam. Specimens P2-C-SP and P5-S-SP
reached their maximum loads of 37.7kN and 41.8 kN at 3% drift ratio, respectively.
These peak loads were slightly lower than the estimated design loads of the
corresponding beams. Therefore, it can be concluded that the main failure of Specimen
P2-C-SP and P5-S-SP occurred in the joints, specifically at the concrete-end-plates,
whereas that of Specimens M1 (32.3 kN), P3-C-NSP-F (47.0 kN), and P4-S-SP-H
(50.3kN) occurred on the beams at the fixed-ends as seen in Fig. 3-9. The maximum

loads of these beams were higher than the estimated capacities, which could be
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attributed to the variation between the actual stress and the nominal tensile strength of

the longitudinal reinforcements and also the conservative design.

During seismic loadings, beam-column joints could fail as a result of shear forces or
diagonal compressive forces [90, 95, 110]. Chapter 2 indicated that the main failure of
the proposed precast joint was due to inclined cracks in the middle region of the
concrete-end-plate. The data of strain gauges in Fig. 3-8(a) show that the compressive
strain (< 110 ue) in the compressive struts of the concrete-end-plate did not reach the
ultimate compressive strain of concrete, while the ultimate tensile strain (131
ue) significantly exceeded approximately > 10 times. For example, the tensile strain
of concrete of Specimen P2-C-SP was 1333 pe at 3% drift ratio (see Fig. 3-8). The
ultimate tensile strain of concrete was calculated according to its tensile strength (fc)
and the Young’s modulus. The above observations could be attributed to the effects of
strut angles. Fig. 3-10 shows two assumed struts, namely QU and QK, which could
appear on the concrete-end-plate. The angle of the compressive strut (QU) was only
34° which led to low compressive stress inside Strut QU. Normally, if the strut angle
is greater than 45°, compressive failure may occur [14, 73]. For Strut QK, although
this strut had a larger angle (50°) than that of Struts QU, it did not fail by compressive
stress. The data of strain gauges in Fig. 3-11 and observations during the test exhibit
that the concrete-end-plate failed by tensile cracks in the middle zone.
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Fig. 3-10. Explaining the cause of inclined cracks.
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Steel fibres were applied in this chapter to resist tensile cracks and, therefore,

significantly increased the joint capacity. Fig. 3-9 demonstrates that Specimen P3-C-
NSP-F had the least number of cracks among the four precast specimens. Only four

minor inclined cracks were found in the concrete-end-plate at 1.8% drift ratio. The

crack development could

be summarized in four stages: the first-crack, main-crack,

ultimate-crack and specimen failure. The initial stage was considered from the
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beginning of the test to the moment when the first-crack appeared. The first-crack
occurred when the tensile stress in the concrete-end-plate and Beam A overcame the
tensile resistance of concrete. For the joint, its first-crack mainly depended on the
concrete strength, rather than the stirrups inside the concrete-end-plate [102].
Therefore, the applied load of Specimen P3-C-NSP-F at the first-crack was greater
than that of other precast specimens due to higher tensile strength (4.3 MPa) compared
to that of conventional concrete (3.8 MPa). For example, the applied load of Specimen
P3-C-NSP-F at the first crack increased by approximately 21% if compared to
Specimen P2-C-SP. After this initial stage, the inclined crack started to develop in the
concrete-end-plate which led to a strain increase in the stirrups when the applied load
increased. The stage after the appearance of the first crack to the moment when the
stirrups in the concrete-end-plate started to yield was so-called the main crack stage.
For Specimen P3-C-NSP-F, the stirrup strain (2233 upe) at 3.5% drift ratio
corresponding to the peak load did not reach the yield strain (2800 pe). This
phenomenon could be explained that bridging actions of steel fibres helped to prevent
the formation of the main tensile cracks on the concrete-end-plate [92, 105-107].
Therefore, the main failure position was on the beam instead of the joint, with a plastic
hinge forming at the fixed-end as shown by the pink curve in Fig. 3-9(P3-C-NSP-F).
After that, during the ultimate-crack stage, the applied loads increased with a limited
rate until reaching the peak load. In the final stage, pulled-out fibres and spalling of
concrete occurred at the fixed-end which caused the failure of Specimen P3-C-NSP-
F. This final stage occurred after the specimen reached the peak load until the end of
the test.

As shown in Fig. 3-9, Specimens P4-S-SP-H and P5-S-SP exhibited different failure
modes and trends of the crack development while Specimens P2-C-SP and P5-S-SP
behaved similarly irrespective of the bolt materials. For Specimens P2-C-SP and P5-
S-SP, which had similar design except for the bolts (CFRP bolts vs steel bolts), the
flexural crack initially developed at the fixed-end at £0.5% drift ratio when the tensile
strain of concrete at this section reached its maximum tensile strain. After this stage,
the longitudinal reinforcements of Beam A started to make the main contribution to
the flexural resistance. Therefore, the inclined cracks firstly propagated into the middle
zone and then the top and bottom zones of the concrete-end-plate which caused the

main failure for Specimens P2-C-SP and P5-S-SP. It means that the bolt material did
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not affect the failure mode, indicating CFRP was successfully used to replace steel
bolts. Meanwhile, Specimens P4-S-SP-H and P5-S-SP had the same design except for
the only difference in the prestress levels (i.e., 51 kN for Specimen P4-S-SP-H and
10.5 kN for Specimen P5-S-SP). Specimen P5-S-SP exhibited much more number of
inclined cracks in the concrete-end-plate as compared to Specimen P4-S-SP-H (see
Fig. 3-9). In other words, the inclined cracks on Specimen P5-S-SP thoroughly
distributed across the entire concrete-end-plate surface while Specimen P4-S-SP-H
showed cracks concentrated in the middle zone, except for only one developed in the
top and bottom of the concrete-end-place after reaching the peak load of 50.3 kN at
3.0% drift ratio (see the orange curves in Fig. 3-9(P4-S-SP-H)). This difference could
be attributed to the high compressive stress which was established in the top and
bottom zones of the concrete-end-plate due to the high prestress level. Therefore, the
tensile cracks in the top and bottom zones could only be developed when the tensile
stress counteracted this compressive stress. From the above analysis, it could be
concluded that the high prestress level in the bolts reduced the number of cracks in the
top and bottom zones of the concrete-end-plate. In addition, the prestress level in the
bolts also affected the failure mode of precast specimens because high prestress level
effectively minimized the appearance of tensile cracks in the top and bottom zones of
the concrete-end-plate. For instance, Specimen P4-S-SP-H failed at the fixed-end of
the beam while the failure of Specimen P5-S-SP occurred in the concrete-end-plate.
Therefore, the load-carrying capacity of Specimen P4-S-SP-H was significantly
improved (i.e., approximately 20% in push direction compared to Specimen P5-S-SP).

The primary failure of the reference Specimen M1 occurred at the fixed-end of the
beam. Minor spalling of concrete initially occurred at the fixed-end when the drift ratio
reached 2%. Specimen M1 achieved its maximum capacity at 5% drift ratio.
Afterwards, the failure was caused by the vertical cracks and spalling of concrete at
the fixed-end of the beam.

3.2.4.3 Drift ratio and load-carrying capacities

The drift ratio is an important parameter to evaluate the joint performances under
earthquake loadings. The drift ratio is defined as the ratio of vertical displacement (4)
at the loading point of the beam to the distance (I = 550 mm) between the column face

and the loading point, as follows:
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R = A/ (3-1)

In most of the previous studies, the drift ratio of precast beam-column joints is usually
lower than that of corresponding monolithic joints [56, 111]. The drift ratio of precast
specimens usually varies from 1.5% to 3% [10, 14] whereas the requirements for
structures to be applied in earthquake-prone regions are approximately 3.5% according
to ACI T1.1-01 [16], 2.5% in CSA A23.3-07 [17], and 2% in ASCE 41-06 [18] to
ensure the life safety. The precast joint using the concrete-end-plate and steel bolts in
the previous study by Sagan [14] only reached the drift ratio of 1.5%. Meanwhile,
Chapter 2 improved this kind of joint and achieved a higher drift ratio of 3%. This drift
ratio satisfied the requirement of CSA A23.3-07 [17] and ASCE 41-06 [18] but still
lower than the requirement of ACI T1.1-01 [16]. This issue has been resolved in the
current chapter with the addition of steel fibres. The results show that the 3.5% drift
ratio of the currently tested specimens satisfied the requirement of ACI T1.1-01 [16]
so that the proposed joint can be effectively used in earthquake-prone regions. Table
3-3 and Fig. 3-12 show the maximum loads with the corresponding drift ratios of all

the tested specimens.

Table 3-3. Details of load-carrying capacities with corresponding drift ratios.

Peak load Increase Drift ratio at peak load
Names (kN) (%) Arerage  Increase (%)
Push  Pull  Push Pull Push Pull
M1 258 323 - - 29.1 - 5.0 5.0
P2-C-SP 358 377 386 169 36.8 26.6 3.0 3.0
POONSP 396 470 532 457 433 49.1 35 35
P4-S-SP-H 50.3 433 947 343 46.8 61.2 3.0 3.0
P5-S-SP 418 378 620 171 39.8 37.1 3.0 3.0

Note: - = not applicable.

In general, the proposed dry joints showed excellent performance in terms of drift ratio
and load-carrying capacity as compared to those from the previous studies [13-15].
Specimen P3-C-NSP-F with steel fibres reached 3.5% drift ratio and satisfied the
requirement for use in earthquake-prone regions of the contemporary standards,
namely ACI T1.1-01 [16], CSA A23.3-07 [17], and ASCE 41-06 [18]. The average
peak load of Specimen P3-C-NSP-F (43.3 kN) was higher than those of Specimens
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P2-C-SP (36.8 kN) and P5-S-SP (39.8 kN). In addition, the load-carrying capacity of
this specimen was also 49.1% higher than that of the monolithic specimen M1.
Although Specimen M1 exhibited a ductile load-displacement response with the
highest drift ratio of 5%, the load-carrying capacity of this specimen was the lowest
among all the tested specimens. For failure at the fixed-end, the above results might
be explained that the lever arm from the fixed-end to the loading point of Specimen
M1 (550 mm) was longer than that of the precast specimens (350 mm) due to the
absence of the concrete-end-plate, while all the specimens had the same square cross-
section of 150x150 mm? at the fixed-end. Therefore, the moment at the fixed-end of
Specimen M1 was approximately 57.1% higher than that of the precast specimens with
the same applied load. It implies that the use of the concrete-end-plate enhances the
load-carrying capacity of an exterior precast joint if the failure occurs at the beam. For
the failure in the middle zone of the concrete-end-plate, the load-carrying capacity of
all the precast specimens depended on the thickness and the height of the concrete-
end-plate. This study purposefully modified the thickness in the previous study by
Sagan [14]. Therefore, the load-carrying capacity of the precast specimens was

significantly improved if compared to that of the reference specimen ML1.
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Fig. 3-22. Average load-carrying capacity and the corresponding drift ratio.

In the meantime, Chapter 2 suggested that the prestress levels affected the load-

carrying capacity while the use of CFRP bolts to replace steel bolts did not
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significantly change the load-carrying capacity of this precast joint type. These two
main parameters are investigated in this chapter. The comparisons between the two
specimens with similar design except for the prestressing force in the bolts (i.e.,
Specimens P4-S-SP-H and P5-S-SP) were conducted to explore the influence of the
prestress levels. The prestress level of Specimen P4-S-SP-H was 51 kN whereas that
of Specimen P5-S-SP was 10.5 kN. The experimental results revealed that the load-
carrying capacity of Specimen P4-S-SP-H was higher (20%) than that of Specimen
P5-S-SP. Therefore, it is concluded that the high prestress level improved the load-
carrying capacity. For replacing steel bolts by CFRP bolts, Specimens P2-C-SP and
P5-S-SP which had the same design, but different bolt material showed a similar load-
carrying capacity and drift ratio of 3% (36.8 kN for Specimen P2-C-SP and 39.8 kN
for Specimen P5-S-SP). Therefore, it can be concluded that steel bolts could be
effectively replaced by CFRP bolts to resolve the corrosion issue without negative
effects on the load capacity and the drift ratio of the joint.

3.2.4.4 Ductility of Joints

Structures are considered as ductile if they can dissipate significant energy during
inelastic cyclic deformations [82]. Ductility indicates the capacity that a structure can
withstand without any significant degradation in its strength during deformation. It is
considered as a crucial parameter in seismic performances of a structure in order to
avoid brittle failure. In this study, the ratio of the ultimate displacement (4.) to
displacement at the yield loads (4y) is defined as the ductility of a structure, as
expressed in Eq. 3-2 as follows:

= A/dy (3-2)

In a reinforced concrete structure, the applied load versus displacement relationship
does not reveal a clear yield point due to either the nonlinear performance of materials
or the onset of yield at different load levels in various parts of structures. Consequently,
the definition of yielding deformation is quite subjective and thus the yield and
ultimate displacement of all the tested specimens are determined as shown in Fig. 3-
13.
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Table 3-4. Displacement and ductility of all the tested specimens.

Ay
Force P P A P
Names max 1 y 2 (85%) u=Ay/Ay Av(er;age De(cOrAt)a)ase
(Unit) (kN) (kN) (mm) (kN)  (mm) H
Push 258 194 156 220 358 2.3
M1 2.4 -
Pull 323 242 145 274 356 2.5
Push 358 269 122 322% 275% 2.3
P2-C-SP 2.1 -125
Pull 377 283 111 34.0* 215° 1.9
Push 396 297 138 337 362 2.6
P3-C- 2.6 8.3
NSP-F Pull 470 353 140 400 350 2.5 ' '
Push 503 377 114 453* 2652 2.3
P4-S-SP-H 2.3 -4.2
Pull 433 325 114 39.0° 26.3% 2.3
Push 418 314 110 355 280 2.5
P5-S-SP 2.8 16.6
Pull 378 284 104 321 312 3.0
Note: - = not applicable.
& at 90% of the post-peak load.
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Fig. 3-13. Definition of the yielding point.

Due to the limitations of the hydraulic jack, the ultimate displacements of Specimens
P2-C-SP and P4-S-SP-H were stopped at 28.1 mm, which corresponded to 90% of the

peak load. For other specimens, a new hydraulic jack was utilised so that the ultimate

displacement could be determined at 85% peak load. The ductility of all the tested

specimens is presented in Table 3-4. The results reveal that Specimen P5-S-SP

exhibited the highest ductility (x= 2.8) among all the tested specimens. Specimens
P3-C-NSP-F and P5-S-SP revealed higher ductility than Specimen M1 (u = 2.4), with
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approximately 8.3% and 16.6% increase, respectively. Specimens P2-C-SP and P4-S-
SP-H exhibited the ductility of ©= 2.1 and = 2.3, which were close to the reference
specimen ML1. It is noted that the applied loads of these two specimens were stopped
at 90% of the peak loads. Therefore, it is expected that if the applied load continued to
85% of the peak loads, the ductilities of these specimens would be similar or even
higher than that of Specimen M1. The precast specimens exhibited excellent ductility
due to the beneficial influences of steel fibres and steel spirals inside the concrete-end-
plate. As an evidence, the ultimate displacement of Specimen P3-C-NSP-F (36.2 mm)
was 31.6% higher than that of Specimen P2-C-SP (27.5 mm) in the push direction.
From the above analysis, it is clear that the addition of steel fibres into the concrete
mixture could significantly enhance the ductility of the precast joint using concrete-
end-plate and bolts.

3.2.4.5 Energy dissipation capacities

The energy dissipation capacity of the exterior joints is determined as the area enclosed
(An) inside the applied load-displacement hysteretic loop in that corresponding load
cycle. A beam-column joint under quasi-static cyclic loads is classified as a ductile
joint if it can dissipate sufficient energy while there is no significant reduction of its
strength and stiffness [56, 85]. The energy dissipation capacity versus drift ratio curves
of all the specimens are shown in Fig. 3-14. As can be seen up to 1% drift ratio, similar
trends and values were observed in the energy dissipation capacity of all the specimens
since they behaved elastically. Nevertheless, the overall energy dissipation capacity of
Specimen P3-C-NSP-F was lower than the other precast specimens from 1%-3.5%
drift ratio. When this specimen reached the peak load at 3.5% drift ratio, the energy
dissipation capacity dramatically increased until failure. This interesting phenomenon
could be explained that steel fibres minimized the appearance of inclined cracks in the
concrete-end-plate from the initial stage to 3.5% drift ratio. After this stage, the
inelastic deformation and the crack width significantly increased because steel fibres
were progressively pulled out from the matrix. Consequently, the toughness and
dissipated energy of this specimen significantly increased. Moreover, the energy
dissipated by Specimen P4-S-SP-H was approximately similar to that of Specimen P5-
S-SP, indicating that the prestress level did not considerably affect the energy
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dissipation capacity of the precast joints (409 kN.mm for Specimen P4-S-SP-H and
387 kN.mm for Specimen P5-S-SP at 4% drift ratio).

The energy dissipation capacity at 4% drift ratio of all the precast specimens (P2-C-
SP, P3-C-NSP-F, P4-S-SP-H and P5-S-SP) was 45.1%, 65.9%, 74.5%, and 65.3%
greater than that of Specimen M1, respectively, which could be mainly attributed to
fatter hysteretic loops as shown in Fig. 3-6. Therefore, it could be concluded that the
proposed precast specimens exhibited excellent energy dissipation capacity for

earthquake loading resistance.
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3.2.4.6 Stiffness degradation

The stiffness degradation of all the specimens under cyclic loads was evaluated in term
of effective stiffness. The effective stiffness at each cycle was determined based on the
slope of the line connecting the peak-to-peak loads in the positive and negative
directions during the first cycle of the two reversal cycles at each drift ratio (see Fig.
3-15) [19]. In general, the effective stiffness of all the specimens was continuously
decreased when the applied load increased. It is expected that the stiffness reduction
only occurs when a structure has partial damage or enters the plastic stage. The
envelope curves in Fig. 3-7 show almost linear responses of the specimens from the
initial stage to the drift ratio of 1.5-2%. However, the stiffness reduction of these
specimens occurred at quite an early stage of about 0.5% drift ratio, which can be
explained by two reasons. Firstly, since the tensile cracks at fixed-end appeared quite
early at 0.5% drift ratio, it means that there was minor damage at this stage. Secondly,
the strain of concrete reached 30%e, so concrete began to behave nonlinearly. Fig. 3-

16 presents the stiffness degradation for all the specimens versus their drift ratios.
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Fig. 3-16. Comparison of the effective stiffness.

Fig. 3-16 shows that the effective stiffness of all the precast specimens was greater

than that of Specimen M1 until failure because the use of the concrete-end-plate

97



improved the stiffness of the precast specimens. It is noted that the design of the
concrete-end-plate was improved in this study so that premature failure at the concrete-
end-plate did not occur as observed in the previous studies [14, 19]. The stiffness of
Specimen P3-C-NSP-F was approximately 26.7% higher than that of Specimen P2-C-
SP at 4% drift ratio. This observation could be explained that the use of steel fibre
concrete has increased the joint stiffness and minimized damage to the concrete.
Moreover, the effective stiffnesses of Specimens P4-S-SP-H and P5-S-SP were almost
the same, indicating that the prestress level did not significantly affect the initial
stiffness (5.1 kN/mm for P4-S-SP-H and 5.2 kN/mm for P5-S-SP). This observation
agrees well with findings from other studies [80, 81, 112]. Le et al. [81] also found
that the prestress level showed unnoticeable influences on the initial stiffness of
structures. In Fig. 3-16, the stiffness degradation curves of these two specimens from
1% to 4% drift ratio were also parallel, so the overall stiffness of this precast joint type
using bolts was not significantly affected by the prestress levels. However, it is worth
mentioning that these parallel curves did not occur between 0.5% and 1% drift ratio
because the trend of crack development on both specimens was totally different in the
initial stage as discussed in Section 3.2.4.2. Therefore, the stiffness degradation was
not similar from 0.5% to 1% drift ratio. In addition, the stiffness of specimens using
steel bolts (i.e., P4-S-SP-H and P5-S-SP) in the initial stages was greater than that of
specimens using CFRP bolts (i.e., P2-C-SP and P3-C-NSP-F), (i.e., approximately
23.8% at 0.3% drift ratio) because steel bolts had higher elastic modulus (200 GPa)
than CFRP bolts (100 GPa). Therefore, the specimens with steel bolts showed higher
stiffness than the specimens with CFRP bolts.

3.3 Analytical calculations

In this section, an analytical model to estimate the load-carrying capacity of the precast
beam-column joints, using concrete-end-plates and bolts, is proposed. As previously
discussed in Section 3.2.4.2, there are two possible failure sections in this precast joint
type, including (1) at the fixed-end and (2) in the middle zone of the concrete-end-
plate. Maximum applied load (Pmax) is the minimum applied load at the loading point
of the beam when the failure occurs either at the fixed-end (Pmax1) or the middle zone
of the concrete-end-plate (Pmax2).
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Fig. 3-17. Global equilibrium of an exterior joint.
3.3.1 Failure at fixed-end
When failure occurs at the fixed-end of the beam, Pmax1 is estimated based on the
flexural capacity of the beam. This applied load is calculated with a reference to the

nominal moment strength (M,,;) of Beam A at the fixed-end. Pmax: can be calculated

as follows:

Mpy

Prax1 = T (3'3)

where L is the distance from the loading point to the fixed-end (L1 = 350 mm in the

present study).

In a general circumstance, M,,; of Beam A is determined with the assumption that the

longitudinal reinforcements have reached a yielding point when Beam A fails.
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However, all the specimens in the current study were designed as over reinforced.
Therefore, M,; is calculated based on the actual strain of the longitudinal

reinforcements.
3.3.2 Failure in the middle zone

When the failure occurs in the middle zone of the concrete-end-plate, Pmax2 is
determined based on the assumption that the stirrups have yielded. Fig. 3-17 presents
the free body diagram and global equilibrium of the specimens, in which Ty vs T» and
Tz are the tensile forces of the bolts and reinforcements, T4 is the compressive forces
in the reinforcements, f is the friction between two surfaces of the column and
concrete-end-plate, and q. and g2 are the compressive stress in concrete on the left and
right of the concrete-end-plate, respectively. It is worth mentioning that the tension
forces (T1 and T») of the bolts are caused by two sources, including the applied load
(P) and the prestressing force. As a result, T:* represents the tensile force caused by
the applied load while T: is caused by the prestressing force. From the force-
equilibrium as shown in Fig. 3-17(b), the tensile force in the top bolts (T;) could be

determined as follows:
Tl = Tla + le = Vth + )/Pr (3'4)

where B. is the prestress levels of bolts, y refers to the prestress level loss in bolts, y
is determined from the initial prestress force (B.) and tensile force in the bolt at 0%
drift ratio immediately after the applied load has reached the peak load. All these
tensile forces were taken from data of the load cells in the current study, in which y =
0.84 is for steel bolts and y = 0.25 for CFRP bolts, V},,, is the horizontal shear force
which is calculated based on the inclined shear force (V) at Section S2-S2 (see Fig.
3-17(b)) as follows:

Vsp = Vesina + V, + V¢ (3-5)
Vheo = Vgocosa (3-6)

where V; = nA,f, is the shear force contributed by the stirrups, n, 4,, and f,,, are the

number of stirrup legs, cross-section area, and yield strength of the stirrups,

respectively. The strain gauges attached on the stirrups inside the concrete-end-plate
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show that strain of two side stirrups was significantly lower than that of the middle
stirrup. For instance, the strain of the middle stirrup of Specimen P2-C-SP was 3286
ue wWhereas that of side stirrups was only 155 pe at 3% drift ratio. Therefore, only the
contribution of the middle stirrup was considered to compute V; while the contribution
of the other two stirrups was ignored. For the shear force carried by the concrete, V, =

ﬁhpbp\/ﬁ, B = % is an empirically derived function whose value is adopted in this

chapter based on the model of the beam in ACI 318-11 [72], h, and b, are the

thickness and width of the concrete-end-plate. For shear force contributed by steel
fibers, Vy = Z%vfhpbp, lg, d¢, and vy are the length, diameter, and volume fraction

of steel fibres [102].

Pmax2 is determined from the equilibrium condition as shown in Fig. 3-17(c), as

follows:

_ Ti(H-2ap)

Praxz = (L+0.5hy)

3-7)
where L, ap, hp, and H are the length of Beam A, the distance from the extreme-top

fibre of the concrete-end-plate to the centroid of the top bolts, the thickness and height
of the concrete-end-plate, respectively (see Fig. 3-17(c)).

The maximum applied load (Pmax) Of this precast joint type is determined in the

following equation:

Brax = min(Pmaxlr Pmaxz) (3'8)

To compare the results of the proposed model and those of the experiment, the
maximum applied load from the experiment (P.,,_max) fOr €each specimen is taken
from the data of the main load cell which was connected to the hydraulic jack at the
beam tip (see Fig. 3-4). The data of the main load cell and the load cell on bolts are
shown in Figs. 3-7 and 3-18. It is noted that no data of the load cell on the top bolt of
Specimen P3-C-NSP-F was recorded due to malfunction of the data acquisition system
during the test. (P.xp—max) Of all the precast specimens are summarized in Table 3-5.

The Pmax comparisons between the proposed model and the experimental results are
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indicated in Fig. 3-19. It is noted that the analytical model was validated at the main
failure positions (fixed-end or middle zones) for brevity.

Table 3-5. The comparisons of Pmax between the experiment and analytical model.

Experimental Theoretical results Theoretical results
results (fixed-end) (middle zone)
Names Pexp-max Mnl Pmaxl Vhsz Tl Pmaxz
(%) (%)
(KN) (KN.m)  (kN) (kN)  (kN)  (kN)
P2-C-SP 37.7 15.7 44.7 - 649 665 37.0 -2.0
P3-C-NSP-F 47.0 16.3 466  -09 98.0 100.0 55.6 -
P4-S-SP-H 50.3 17.3 495 -16 649 107.7 59.9 -
P5-S-SP 41.8 14.9 42.7 - 649 738 410 -2.0

Note: - = not applicable.
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Fig. 3-18. Tensile forces of the top and bottom bolts.

As can be seen from Table 3-5 and Fig. 3-19, where the actual data from the test was
used to verify the accuracy of the proposed model, the proposed model could well
predict the load-carrying capacity of all the precast specimens. For the failure at the
fixed-end, the variations between the experimental results and the proposed model
results of Specimens P3-C-NSP-F and P4-S-SP-H were minor, only 0.9% and 1.6%,
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respectively. For the failure in the middle zone, Specimens P2-C-SP and P5-S-SP had
the same failure modes in the middle zones, indicating this proposed model accurately
predicted the maximum applied load (Pmax) with a low variation of 2%. The above
analyses prove that the proposed model could be well applied to predict the capacity

of this precast joint type.
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Fig. 3-19. Comparisons between the experimental and analytical results.
3.4 Summary

This chapter carried out an experimental investigation on the effects of steel fibres and
prestress levels on the structural performance of the proposed dry joints. In addition, a
new model to estimate the load-carrying capacity of this precast joint type was
proposed. The excellent performances of all the precast specimens show that this
precast joint type can be potentially utilised in both non-earthquake and earthquake-

prone regions. Findings from this chapter can be summarized as follows:

1. The proposed dry joints outperformed the corresponding monolithic joint in
terms of load-carrying capacities, energy dissipation, and stiffness. In addition,
the proposed model could well predict the maximum applied load of all the
precast specimens with minor variations ranging from 0.9% to 2%.

2. Using SFRC could significantly improve the load-carrying capacity (18%) and
ductility (53%) of the proposed dry joint.
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3. The average peak loads of all the precast specimens were from 27% to 61%
higher than that of the monolithic specimen.

4. All the precast joints have higher effective stiffness than that of monolithic
joint M1 until failure.

5. The high prestress level improved the load-carrying capacity of the precast

beam-column joints but did not increase the initial stiffness.

In general, CFRP bolts could be effectively applied in dry beam-column joints using
concrete-end-plates and bolts. They could effectively resolve the corrosion issue in

steel bolts while still assure excellent performance under quasi-static cyclic loads.
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CHAPTER 4: PERFORMANCE OF GEOPOLYMER CONCRETE
IN MONOLITHIC AND NON-CORROSIVE DRY JOINTS USING
CFRP BOLTS UNDER CYCLIC LOADING

ABSTRACT?

This chapter evaluates the performances of beam-column joints made of geopolymer
concrete (GPC). A new dry joint type made of GPC and carbon fibre reinforced
polymer (CFRP) bolts was proposed for moment-resisting concrete frames under
earthquake loadings. Cyclic loading was applied to test the four specimens which were
preparatorily cast by ordinary portland concrete (OPC) and GPC. Compared to
monolithic joints, the proposed dry joints showed better performances in the maximum
load-carrying and energy dissipation capacity. Additionally, new analytical models to
design GPC monolithic and GPC precast joints are proposed. These models well
predict the peak loads, main failure modes, failure positions, and horizontal shear
strength with a minor variation of 1.3%. The application of GPC promises to
effectively recycle a large number of industrial wastes. Furthermore, the proper design
made sure the CFRP bolts survive during the test without brittle failure and shear
failure. Therefore, they could be potentially applied in the proposed dry joint to well
resolve the corrosive issues in conventional precast joints, as well as satisfying the

requirements for construction in seismic regions.

s This work was published in Composite Structures with the full bibliographic
citation as follows:

Ngo TT, Tran TT, Pham TM, Hao H. Performance of geopolymer concrete in
monolithic and non-corrosive dry joints using CFRP bolts under cyclic loading.
Compos Struct 2020:113394.

https://doi.org/10.1016/j.compstruct.2020.113394
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4.1 Introduction

One of the most challenging global issues is the alarming increase of CO2 emission
from cement manufacturing due to ever-growing demand for construction. CO;
emission is also responsible for global warming which has negative effects on human
health and our planetary ecology [22]. If no actions are taken, the amount of CO>
emitted from the global cement industry is warned to reach 2.34 billion tons by 2050
[22, 23]. Therefore, it is urgent to investigate and introduce new “green” binders which
could completely or partially replace the ordinary portland cement in the nearest
future. GPC is so-called a “green” material because it uses industrial wastes (i.e.,
calcium fly-ash, slag, silica fume, rice-husk ash) to produce the new binder replacing
ordinary portland cement [113]. Three main components in GPC include fly ash, slag,
and alkaline chemicals. Fly ash is a product found in coal-fired power stations while
slag is a left-over product after a targeted metal has been successfully refined out of
its raw ore. If OPC is replaced by GPC, industrial wastes could be effectively recycled

to produce new binders (i.e., slag and fly ash) in GPC.

GPC has been intensively researched for over 20 years. Although many different mixes
have been proposed to achieve different strengths of GPC, the application of GPC in
construction is still limited partially because of a lack of design guide of structures
made of GPC. Most of existing studies focus on seeking the optimal mixture design
and mechanical properties of GPC [114, 115]. Wang et al. [29] and Rafeet et al. [30]
reported that increasing the slag/fly ash ratio could improve the mechanical properties
of GPC (e.g., compressive strength, elastic modulus). Xie et al. [28] suggested that the
use of GPC with a combination of 50% slag, 50% fly ash and 0.5 water/binder ratio
showed good mechanical behaviours and workability. In addition, 80 °C for 12-24
hour was an optimum curing condition of GPC [29]. Therefore, various studies
suggested that the use of GPC under heat-cured condition offers numerous advantages
such as little drying shrinkage, low creep, high compressive strength and bond
strength, and excellent resistance in acid and sulphate environments [31, 32].
Nevertheless, the mechanical properties of GPC also have some disadvantages.
Among these disadvantages of reinforced-GPC structures, two unfavourable
characteristics are low elastic modulus [116] and brittleness [117]. The low elastic

modulus affects the stiffness degradation of structures while the ductility of the
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structure could be decreased due to the brittleness of GPC. Therefore, it is necessary
to improve the weaknesses of GPC toward better performances.

Despite numerous studies on the mechanical properties of GPC, the behaviours of
GPC-based structures are still understudied with contrary findings reported, which
limits the wide applications of GPC in construction. Several studies presented that the
performances of heat-cured GPC beams and columns were almost similar to those of
OPC beams and columns. Therefore, the use of current standards for OPC to design
the GPC beams and columns could be accepted [33, 34]. However, some recent
investigations showed that the strength of ambient cured and over reinforced GPC
beams and columns was overestimated by conventional sectional analysis procedures
[35, 36]. Furthermore, current studies concentrated on heat-cured GPC, which could
only be applied to precast concrete structures, but difficult to cast-in-situ concrete
structures. A previous study has shown that the performances of ambient and heat-
cured GPC are different [31], i.e. shrinkage and brittleness. Therefore, further studies
investigating the structural performances of ambient cured GPC structures are
necessary for possible wide applications of GPC to both precast and monolithic

structures.

Beam-column joints are a crucial member of a building under earthquake loading
because it relates to the strength development of the adjacent beams and columns [19].
Numerous recent devastating earthquakes across the world showed that if beam-
column joints are destroyed, the buildings collapse even though the beams and
columns are still in good condition. Beam-column joints often fail by shear stress due
to insufficient transverse rebars in these joint regions [40-43, 91]. In most cases, the
brittle shear failure is abruptly experienced, even without any cautionary evidence
about the collapse of the structures [19, 45]. This unexpected failure is attributed to
non-ductile performances of structures [19]. Therefore, it is necessary to enhance the
ductility of the joints under seismic loading.

The application of dry joints could resolve many disadvantages of monolithic, wet,
and hybrid joints such as long construction time, high construction cost, and negative
effects on the environment [14, 96]. However, dry joints with steel bolts are vulnerable
to corrosion which is commonly considered as one of the priciest issues and also the

critical causes for structural deterioration. In some circumstances, the costs for
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maintaining and repairing deteriorated components can be incredibly greater than
constructing the new ones [5, 6]. For instance, Kitane et al. [100] reported that during
the period of 1998 to 2017, it cost the United States of America an annual average of
$5.8 billion to maintain bridges. This issue could be effectively resolved by using non-
corrosive FRP bolts with excellent corrosion resistance. However, the application of
FRP bolts in the reality of structural engineering is still limited because these bolts
have relatively low shear capacity if compared to conventional steel bolts. The tensile
strength of FRP bolts is higher than that of steel bolts but the shear capacity, elastic
modulus, and torsion resistance of FRP bolts are lower than those of steel bolts. It is
noted that FRP bolts are made of anisotropic materials and behave linear-elastic stress-
strain characteristic up to failure [41]. This feature could cause brittle failure if FRP
bolts govern the main failure of the beam-column joints. Some researchers [46, 118]
reported, however, that specimens did not show brittle failure if FRP material did not

govern the main failure of specimens.

There have been a few published studies investigating GPC monolithic joints [119-
122] while there has been no research examining the performances of ambient-cured
GPC precast joints under cyclic loading in the open literature. The majority of previous
studies related to GPC joints were based on testing on small size samples. No
analytical model or design procedure has been proposed for GPC joints. According to
the above review, ductility of the joint is crucial while GPC reveals very brittle
performances at the peak load. Therefore, it is necessary to investigate joint
performances using GPC cured under ambient condition. This chapter aims to
investigate the performances of a GPC monolithic joint and a new GPC precast joint
type using CFRP bolts and concrete-end-plate (CEP). Additionally, an empirical
model to calculate the maximum applied loads of the monolithic and precast joints
made of GPC is proposed. In order to evaluate the effects of the GPC utility and the
accuracy level of the proposed model, the behaviours and the results of the model are
sequentially compared with those of the OPC control specimens. It should be noted
that the performances of OPC monolithic joints have been fully investigated in many
previous studies and models to design these OPC monolithic joints have been proposed
in various standards [71, 87-89].
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4.2 Experimental program and analytical calculations
4.2.1 Design of the experimental specimens

Two monolithic joints and two precast joints, namely specimens MO1-MG2 and PO3-
PG4 were prepared and tested in the study. The letters “O” and “G” denote the use of
OPC and GPC to cast these specimens. The two precast joints used CFRP bolts with a
diameter of 20 mm to connect beams and columns. The CFRP bolts were applied a
prestress level of approximately 6 kN. Two 20-ton load cells were used to determine
these tensile forces in the bolts (see Fig. 4-1). All the monolithic joints were designed
following ACI 550R-96 [70] and ACI 352R-02 [71]. The use of longitudinal rebars
and stirrups was based on the requirements of ACI 318-11 [72]. The two precast joints
were designed in reference to the previous studies [19, 46] since no standards are
available for this precast joint type. In addition, the weak beam-strong column
principle is applied to design all the specimens. Therefore, cross-sections of the
columns (200x200 mm?) were larger than those of the beams (150x150 mm?). These
cross-sections were chosen based on previous studies [46, 56, 123]. The beams of the
precast joints consisted of two parts: (1) Beam A and (2) the CEP. Details of specimen

dimensions and rebars can be found in Fig. 4-2.

Fig. 4-1. Positions of load cells and LVDTSs.
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Fig. 4-2. Design of (a) monolithic joint and (b) dry joint (unit: mm).

4.2.2 Mechanical properties of materials

Table 4-1 presents the mixture proportions of 1 m® GPC and OPC. Two specimens
were cast with GPC concrete based on the mixed design of the previous study [124]
as presented in Table 4-1. Low calcium fly ash (FA) and ground granulated blast
furnace slag (GGBFS) were used as binder materials. Their chemical compositions are
presented in Table 4-2. A mixture of 12M sodium hydroxide (NaOH) and D-grade
sodium silicate (Na2SiOs3) solution was utilized as an alkaline activator (Aa). It is noted
that 480-g solid NaOH was mixed with 1-litre water to create 12M NaOH. The D-
grade sodium silicate consisted of 14.7% Na2O, 29.4% SiO», and 55.9% H,0. 99%
purity of solid NaOH and liquid Na>SiOz were provided by Chem-supply Pty Ltd [125]
and PQ-Australia Pty Ltd [126], respectively. Silica sand was used as fine aggregate.
The mechanical properties of GPC and OPC were determined according to AS
1012.8.1-14 [74] and AS 1012.9.1-14 [75]. Three cylinders (200-mm height and 100-
mm diameter) for compressive tests and three cylinders (300-mm height and 150-mm
diameter) for splitting tensile tests were prepared for each GPC batch. The GPC
mixture had low workability which needs be improved in future work. After the casting
process, plastic sheets were utilized to cover the top surface of all the specimens.
Ambient curing condition was applied for all the GPC specimens until the testing day.

Specimens MO1 and PO3 were respectively tested on the 28" and 29" day while two
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GPC specimens were tested on the 56™ day after casting. The testing-day compressive
strength (fc) and tensile strength (fe) of GPC were 66.1 MPa and 5.5 MPa,
respectively, while those of OPC were 38.4 MPa and 3.8 MPa, respectively. The
mechanical properties of GPC and OPC were different due to different concrete
batches. Two OPC specimens (MO1 and PO3) were cast with ready-mixed concrete
from a local supplier whereas GPC specimens (MG2 and PG4) were mixed manually
at a structural laboratory. This difference of the mechanical properties was also
reported in some previous studies [46, 127-129]. As informed by the concrete supplier,
the sizes of crushed stone aggregate and slump test results were 7 mm and 150 mm,
respectively. Therefore, 7-mm crushed stone aggregates were also used in GPC
batches to be compatible with OPC batches. The small aggregate was applied in this
study to limit micro-crack width caused by aggregate restrained shrinkage [130]. 10-
mm deformed steel bars were used for stirrups whereas the diameter of longitudinal
rebars was 16 mm. The top and bottom longitudinal rebars were similarly chosen
because cyclic loading was applied for these joints. CFRP bolts, nuts, and plates were
supplied by a company in China [76]. As informed by the supplier, GB/T 1447-05 [77]
was applied to check the mechanical properties of CFRP bolts. The number of the
samples which were used for the testing was 20-30 with the length of 800-1000 mm.
The properties of all the rebars and CFRP bolts provided by the manufacturer are
summarized in Tables 4-3 and 4-4. The geometry and dimensions of the CFRP bolts

and nuts are shown in Fig. 4-3.
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Fig. 4-3. Details of CFRP bolts (unit: mm).
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Table 4-1. Mixture proportions of 1 m® GPC and OPC.

Materials Unit GPC OPC
Sand (kg/m®) 630 534
7-mm coarse aggregate (kg/md) 1100 1100
GGBFS (kg/m?) 160 -
FA (kg/m?3) 240 -
Aa/binder ratio - 0.6 l
Na2SiOs solution (kg/m?) 172 -
12 M NaOH solution (kg/m?3) 69 -
Na2SiO3/NaOH ratio - 2.5 -
Coarse sand Gin Gin (kg/m?) - 225
Cement (kg/m®) - 400
Water (L/m3) - 175
Plastiment BV35 (L/md) - 1.6
Viscocrete 10 (L/m3) - 1.2
Viscoflow 15 (L/m) - 1.2
Note: - = not applicable.

Table 4-2. Chemical compositions of FA and GGBFS.
gﬂ?{f‘&‘;sition FA GGBFS
Fe203 12.5 0.9
SiO2 51.1 32.5
Al,O3 25.6 13.6
K20 0.7 0.35
CaO 4.3 41.2
MgO 15 5.1
MnO 0.15 0.25
Na.O 0.8 0.3
P20s 0.9 0.03
TiO2 1.3 0.5
SOz 0.24 3.2
Others 0.46 1.12
LOI? 0.6 1.1
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Composition
(wt. %)

Note: # Loss on ignition.

FA GGBFS

Table 4-3. Rebar properties.

Diameters fy Es Area

(mm)  (MPa)  (GPa)  (mm) Notes
8 377 200 50 Spirals
10 560 200 78 Stirrups
16 597 200 201 Longitudinal rebars

Table 4-4. Details of CFRP bolts and nuts [76].

Tensile ~ Shear  Bending Compressive Ultimate  Elastic

Size strength  strength  strength strength load modulus
Names
(mm) (MPa)  (MPa)  (MPa) (MPa) (kN) (GPa)
Bolts ¢20 > 850 > 160 480 760 >267 100
Nuts ¢20 - - - - 100 100

Note: - = not given.

4.2.3 Test setup

Fig. 4-4 shows the typical test setup of all the specimens. As shown in this figure,
vertical displacements of the top and bottom column ends were resisted by a hydraulic
jack, hinge, and a strut system. This hydraulic jack applied an initial axial force of 15
kN to the column. It is noted that the applied axial force may bring beneficial effects
to the joint behaviours [79] which, however, were not investigated in this chapter. The
load was applied on the beam tip under manual displacement control by a 500-kN
hydraulic jack with the level of 6-9 mm/min based on ACI 374.1-05 [131]. Fig. 4-5
shows the incremental cyclic load history. Two fully reserved cycles were applied at
each drift ratio (DR) with an initial ratio of 0.25% to ensure that all the specimens
showed linear elastic responses in this initial stage. For the precast specimens, the
columns were the first to be set up on the reaction frame. Then, the beams were
connected to the columns by four CFRP bolts with a diameter of 20 mm. The four
holes on the beams and columns were created by four plastic tubes with the outside
diameter of 21 mm. These plastic tubes were embedded into formworks and steel cages
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before the concrete casting and were removed one day after the casting. In order to
easily remove these plastic tubes, a cutting line was created on each tube with an
electric hand cutting machine. Outside tubes were also covered by cling wrap and oil.
All CFRP bolts were applied a prestress level of 6.5 kN for Specimen PO3 and 5.3 kN
for Specimen PGA4.

| — 4
m \ —' ell 'i )

b od

: Data | _
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Fig. 4-4. Details of the test setup.
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Fig. 4-5. Cyclic loading scheme.

4.2.4 Analytical model to estimate the maximum applied loads and the main failure

position

In order to apply these GPC monolithic and GPC precast joints into reality, it is
necessary to propose a model for designers to estimate the load-carrying capacity or
the horizontal shear resistance (Vjn) in the middle zone of the joints. Based on this
model, the main failure mode and failure position could be also determined. This
section adopts the model proposed by Chapter 3 with some modifications for the GPC
specimens. The results of the proposed model are compared to the experimental results
of these current and previous studies. This kind of dry joints could fail at the fixed-
supports and the joint areas. Therefore, the load-carrying capacity (Pmax) is the
minimum of applied load (Pmax1) and (Pmaxz) corresponding to the failure occurrence
at these two locations. It is noteworthy that two assumptions were adopted to determine
Pmax2 Of the precast joints: (1) Only the middle stirrup inside CEP mainly resisted the
shear force in the joint area [46], and (2) The middle stirrup and longitudinal rebar

yielded at the maximum applied load.
4.2.4.1 Failure at the fixed-support

Pmaxa was calculated following the nominal moment strength (M,,;) of beams. The

following formula was used to calculate Pmaxa:

Mn4

Praxs = -2
max1 Ly

(4-1)
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where L1 is the length of cantilever beams (L1 is 550 and 350 mm for monolithic and

precast specimens, respectively).

For Specimens MG2 and PG4, previous studies showed that current standards and
available models of OPC beams can be applied to design GPC beams with high
accuracy, however, some modifications are needed if the beam is over reinforced [36].
In reality, the cross-sections of beams need to be reduced to ensure requirements of
architecture so the beams could be designed with over reinforced. Most of the previous
studies have ignored this issue [132, 133]. In the current study, the specimens were
designed over reinforced which ensures the practicality of the results. Therefore, the
use of existing standards to calculate M,,; requires some modification in ks of the
rectangular stress-block parameters [36]. In this study, M,,; of OPC specimens was
determined based on ACI 318-11 [72] while M,,; of GPC specimens was calculated
based on the study by Tran et al. [36] in which the value of ks was changed from 0.9
to 0.7. M, of all the specimens were calculated by using the nominal yield strength
of rebars.

4.2.4.2 Failure in the middle zone

For monolithic specimens, Pmax> was determined based on the nominal shear strength
(Vaci) recommended by ACI 318-11 [72] as follows:

Vact =v fc'Aj (4-2)

where y depends on the effects of confinement in a joint, y = 1.7, y = 1.2, and y = 1.0
if beams are confined at all four faces, two or three faces, and other cases of joint,
respectively; the compressive strength of concrete is denoted as f.', 4; is an effective
jointarea. If h,; and b; represent the effective joint depth and width, respectively, and

b. and b, denote the width of the column and beam (Fig. 4-6), respectively, it has

A] = bjhcol! b] = mln{bb + 2x, bb + hcol} if bC = bb'bj = bC if bC < bb (4'3)
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Fig. 4-7. Global equilibrium of the monolithic joint.

As shown in Fig. 4-7, P,,,.» Of the monolithic specimens is determined as follows:

Ver = T3 = Ve (4'4)
Ve1He
Prax2 = le (4'5)

where V¢, T3, He, and Ly are the shear force at column top, the tensile forces of the
rebars, the height of the column, and the distance from the loading point to the centroid

of the column, respectively.
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For the precast specimens, stirrups were assumed to yield for calculating Pmaxe. Fig. 4-
8(b) shows the free body diagram of the tested specimens. The tensile force in the top

bolts (T;) is expressed as follows:
T, = Tla + le = Vhs2 + VP> (4-6)

where B. and y, are the initial prestress forces and the prestress rate lost in the bolts
(i.e. - is 0.25 and 0.84 for CFRP bolts and steel bolts, respectively [46]). It is
noticeable that the tensile forces (T: and T2) in the bolts consist of two components
(ie., T, including T{ and T2 ) caused by the applied load and prestress force,
respectively. At Section S»-S,, the horizontal shear force (V,,, ) is determined as

follows:
Vs, = Vsina + V. (4-7)

Vhea = Vipcosa (4-8)
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where V; = nA, f,; refers to the shear resistance of the stirrups, n is the number of legs
of stirrups, and f,, and A, are respectively the yield strength and cross-sectional area
of stirrups. According to the previous study [46], only the middle stirrup inside CEP
mainly resisted the shear force. Therefore, the middle stirrup was considered to

determine V;. For the shear resistance of the OPC, V. = ﬁhpbp\/ﬁ, B = % is adopted

[72], b, and h,, denote the width and thickness of CEP. For the shear resistance of the

GPC, B = 0.29 is adopted to determine V¢ based on the upper value of the shear
strength in ACI 318-11 [72].

Fig. 4-8(c) shows the free body diagram of the precast beam. Pmax2 is calculated as
follows:

p _ Ty (H-2ap)
maxz — (L+0.5hp)

(4-9)

where L is the distance from the fixed-support to the loading point, a, refers to the
distance between the centroid of the top bolts and the extreme-top fibre of the CEP, H

and hp denote the height and thickness of the joint area, respectively.

The maximum applied load (Pmax) of both joint types (i.e., monolithic and precast joint)

is determined as follows:
Prax = min(Pmaxli Pmaxz) (4'10)

For the horizontal shear resistance (Vjn) in the middle zone of the precast specimens.
Vjh of the proposed model is determined based on the tensile forces in the bolts (T;)
and in the longitudinal rebars (7). T; was calculated by Eq. 4-6 whereas T; is
calculated from a bending moment (M) when P,,,,,Was determined by using Eq. 4-9.

Therefore, Vjn can be determined as follows:
V}‘h =T, —T; (4-11)

This study also adopts the experiment results of Chapter 3 and Sagan [14] to evaluate

the accuracy of the proposed models. The maximum applied loads (P, —max) Of all

the tested specimens were taken from experimental results. Specimens PO3, P5-S-SP,

and DB-TC failed in the joint area. Therefore, Vjn of these specimens is determined by
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Eq. (4-11), in which Tz is calculated from the nominal yield strength of the longitudinal

rebars. The main parameters are summarized in Table 4-5.

As can be observed from Table 4-5, the proposed model predicts that Specimen PO3,
P5-S-SP, and DB-TC experienced the main failure in the joint areas whereas other
specimens failed at the fixed-support. The variations of Pmax1 between the proposed
model and the experiment results are from 10% to 32%. Specimen MG2 presents the
highest variation of 32%. This high variation could be attributed to the inaccuracy in
estimating the moment capacity of the GPC beam. It should be noted that no standards
have been introduced to accurately estimate the nominal moment strength of GPC
beams yet. Therefore, this chapter adopted a model proposed by Tran et al. [36], which
modified the stress block parameters for use in GPC beams based on analytical
derivations and limited testing data. The accuracy and the applicability of the proposed
model by Tran et al. [36] need to be studied further since the beam moment strength
depends on many parameters which are most likely nonlinear intercorrelated. The
model proposed based on limited testing data and analytical derivations with an ideal
assumption of beam conditions does not necessarily cover the beam conditions in this
chapter. On the other hand, Pmax1 of Specimens MO1, MG2, PG4, and P4-S-SP-H were
lower than the Pexp-max, indicating reasonable safety margin for the joints.

Concerning the failure in the joint areas, the maximum applied loads were well
predicted by the proposed model with a variation between 2 and 26%. Also, the
variations of the horizontal shear strength in Specimens PO3 and P5-S-SP were 26%
and 46%, respectively. Specimens PO3 and P5-S-SP were over reinforced. The
nominal yield strength of the rebars was adopted to calculate Ts. As a result, the high
variation of the horizontal shear strength was attributed to this assumption. For
example, only 1.3% variation of the horizontal shear strength in Specimen PO3 is
observed if the actual strain of the rebars is adopted to calculate Ts. In addition, the
variation of the horizontal shear strength between ACI 318-11 [72] and the experiment
reached approximately 35% in Specimen PO3. This high variation is understandable
because ACI 318-11 [72] model is meant for monolithic joints, not for precast joints

with the CEP and bolts as in the current study.
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Table 4-5. The comparisons between the experimental and theoretical results of Pmax

and Vjn.
Experimental Theoretical results Theoretical results
results (fixed-support) (middle zone)
Names
Pexpmax  Vijmax Mn1 Prmaxt Vaci  Ve1; i Vhs2 Pmaxz Vih
(%) (%) (%)
(kN) (kN)  (kN.m)  (kN) (kN) (kN) (kN)  (kN) (kN)
MO1 323 - 154 28.0 -13.3 2169 23.2* - 38.2
MG2 46.2 - 17.2 313 -323 2846 44.4° - 73.2
PO3 377 1376 154 44.0 - 1859 665° 649 370 -2 1736 26
PG4 54.6 - 17.2 49.1 -10.0 - 100.7° 993 55.9
Chapter 3 [46]
P4-S-SP-H 50.3 - 17.3 49.4 -1.7 1859 107.7° 649 59.9
P5-S-Sp 418 1141 14.9 42.6 - 1859 73.76° 649 410 -2 1664 46
Saqgan [14]
DB-TC 499 * 3378 4223 - - 7083 2715 3671 26 * *

Note: - = not applicable.
* = lack of data.
%Value of V1.
bValue of Ti.
4.2.5 Experimental results and discussion

4.2.5.1 General behaviours and failure patterns

All the specimens were tested under cyclic loading. CFRP bolts and the longitudinal
rebars remained in a linear elastic range up to the maximum applied loads. No failure
occurred in either the CFRP bolts or longitudinal rebars. For example, the maximum
tensile strength of the CFRP bolts in Specimens PO3 and PG4 was 32 kN and 45 kN,
which accounted for 32% and 45% of their ultimate tensile strength (100 kN),
respectively. The main failure of all the tested specimens was governed by concrete as
also reported in the previous studies [19, 46]. This design ensured that the application
of CFRP material did not cause the brittle failure in this precast joint type. Fig. 4-9
shows the failure modes of all the specimens. All the columns of the precast specimens
were designed with higher capacity compared to the beams. There was no failure on
the columns of the precast specimens while some minor inclined cracks were observed
on the columns of the monolithic specimens. This design ensured that all the joints
satisfied the requirements of the weak beam-strong columns for the reinforced-

concrete structures under earthquake loading. Fig. 4-10 shows that strain in
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longitudinal rebars of the beams was considerably higher than that of the columns. For
instance, in Specimen PO3, the maximum strain in the longitudinal rebars of the beam
was 2559 e whereas that of the column was only 619 pe. In addition, slips between
the column and CEP were not recorded by LVDT (linear variable differential
transformer) during the test due to high friction between their two interfaces.

Therefore, shear stress did not cause failure in CFRP bolts during the tests.

(sann

Main failure
area

Fig. 4-9. Crack patterns.
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Fig. 4-10. Data of strain gauges on longitudinal rebars of beams and columns.

As can be seen in Fig. 4-9, Specimens MO1 and MG2 exhibited similar failure patterns
and trends of crack development whereas two precast specimens showed different
failure modes and failure positions. Except for the concrete, two monolithic specimens
were designed similarly. Specimen MO1 was cast by OPC while GPC was used to cast
Specimen MG2. The vertical flexural cracks appeared initially at +0.5% DR when the
tensile strain of concrete at the beam soffit reached its nominal tensile strain. It is noted
that cracks on Specimen MG2 developed later than those on Specimen MOL at the
same DR (see Fig. 4-11). For example, the inclined cracks on Specimen MO1
propagated into the joint at 1% DR whereas there were only flexural cracks appearing
on the beam of Specimen MG2 at the same DR. This phenomenon could be attributed
to the different tensile strengths of concrete. The tensile strength of GPC (5.5 MPa)
was higher than that of OPC (3.8 MPa). Therefore, the tensile cracks and shear cracks
developed in Specimen MG2 more slowly than those in MO1. After 1% DR, the
inclined cracks rapidly spread into the joint region when the longitudinal rebars mainly
contributed to resist the bending moment of the beam. The inclined cracks on both the
monolithic specimens initially concentrated in the middle joint area and then these

inclined cracks propagated to two corners of the column. In addition, minor concrete
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crushing appeared at the fixed-support at 2% DR for Specimen MO1 and 2.5% DR for
Specimen MG2. Specimen MO1 reached the maximum applied load at 5% DR while
that of Specimen MG2 was 4%. The different results are attributed to the brittleness of
GPC at the peak load. Therefore, although cracks occurred later, the applied load
decreased immediately when Specimen MG2 reached the maximum applied load.
Figs. 4-9(MO1) and 4-9(MG2) show that both the monolithic specimens failed due to
the crushing of concrete and vertical cracks at the fixed-support of the beams.

Fig. 4-11. Progressive development of cracks.
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According to the previous studies [9, 14, 67, 90], beam-column joints could fail due to
either diagonal compressive forces or shear forces. However, data of the strain gauges
attached on aluminium bars to measure concrete strain (see Figs. 4-12 and 4-13) show
that the main failure of these dry joints was a result of the tensile cracks and shear
cracks in the joint areas. Therefore, the use of spirals in the top and bottom zones (see
Fig. 4-13) did not improve the peak loads compared to Specimen without spirals.
Concerning the analysis in Section 4.2.4.2, increasing the diameter of the middle
stirrups inside the CEP is a promising solution to enhance the performance of these
dry joints. Both precast joints exhibited different failure modes as shown in Fig. 4-9.
Specimen PO3 failed in the middle zone of CEP whereas Specimen PG4 failed at the
fixed-support. Flexural cracks also occurred quite early at 0.5% DR because concrete
tensile strain at the fixed-support exceeded its limit. Following this stage, the
longitudinal rebars of the beam mainly resisted the bending moment. Therefore, tensile
cracks spread into the middle area of the CEP. Numerous inclined cracks formed in
the CEP from 0.5% to 3% DR as shown in Fig. 4-11(PO3). Two yellow cracks with a
width of 1.5 mm caused the main failure of this specimen (see Fig. 4-9(PO3)). In
addition, the appearance of cracks on the precast GPC specimen (PG4) also took longer
than that on the precast OPC specimen (PO3). It indicates the tensile strength of
concrete significantly affected the joint behaviours. Fig. 4-11(PG4) shows that only
four minor cracks appeared on the CEP of Specimen PG4 at the peak load while
various inclined cracks were distributed over the entire surface of CEP in Specimen
PO3. This different failure mode could be attributed to the higher tensile strength (5.5
MPa) and brittleness of GPC as compared to OPC (3.8 MPa). The high tensile strength
of GPC concrete minimized the tensile crack development in the CEP of Specimens
PG4. Therefore, the main failure mode was changed from the joint to the beam at the
fixed-support as shown by the yellow curve in Fig. 4-9(PG4). After reaching the peak
load, the inclined cracks continued to develop on the CEP surface of specimen PG4
until the end of the test. This performance is attributed to the strength hardening of
longitudinal rebars. Therefore, the tensile stress in the longitudinal rebars still
increased after achieving the maximum applied load. Furthermore, if the precast joints
with OPC and GPC had the same compressive and tensile strength, no significant
difference could be observed between the failure mode and failure position of the two
joints. Both precast joints might fail at the joint areas because tensile and shear cracks

governed the main failure mode of these specimens. However, more brittle failure with
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more inclined cracks could occur on the CEP of the precast specimen with GPC (PG4),
compared to Specimen PO3 due to the brittle characteristic of GPC material [117].

)

\ L/ ’
Clmg Wrap and oil 7 ‘
' N 5 | '

l Middle stirrup 2

Fig. 4-13. Arrangement of rebars in the concrete-end-plate.

4.2.5.2 Hysteretic performance and energy dissipation capacity

Hysteretic response and energy dissipation capacity are the crucial characteristics to
evaluate the performances of beam-column joints under seismic loads. A beam-
column joint is considered having excellent energy dissipation capacity if the joint
shows ductile behaviours without a considerable reduction of the effective stiffness
and strength. The energy dissipation is calculated by the enclosed area (En) inside the
hysteretic loop of each cycle [19]. The hysteretic responses and the energy dissipation
capacities of all the specimens are shown in Figs. 4-14 and 4-15. Up to 1% DR, the
energy dissipation capacity of all the specimens showed a similar trend and values
since the response remains primarily in the elastic range. In general, the shape of the
hysteresis loops of Specimens MO1 and MG2 was similar to each other while the two
precast specimens revealed different hysteretic performances with less pinching
observed in Specimen PG4 as compared to Specimen PO3. It should be noted that the
pinching is associated with the considerable variations in the area of hysteresis loops.
This observation could be explained that Specimen PG4 experienced fewer cracks than
Specimen PO3 at the same DRs as shown in Fig. 4-11. As previously mentioned, the
tensile strength of concrete considerably affects the crack development of these precast
joints. Consequently, the use of high tensile strength concretes in Specimen PG4

limited the appearance and development of tensile cracks on the CEP. However,
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overall energy dissipation of Specimen PO3 was lower than that of Specimen PG4
from 1% to 3 % DR because the applied load per cycle of Specimen PO3 was lower
than that of Specimen PG4. Therefore, the enclosed area (En) inside the hysteretic loop
of each cycle of Specimen PO3 was lower than that of Specimen PG4. After reaching
the maximum applied load at 3% DR, the failure modes of the two precast specimens
were different. Specimen PO3 failed at the joint area whereas Specimen PG4 failed in
the beam at the fixed-support. Wider flexural cracks were observed at the fixed-
support of Specimen PG4, compared to the inclined cracks on CEP of Specimen PO3.
Consequently, these wider flexural cracks combined with higher impact forces causing
a sharp increase of energy dissipation of Specimen PG4 as compared to that of

Specimen PG3.
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Fig. 4-14. Comparison of hysteretic load-drift ratio responses.

Meanwhile, the monolithic joints revealed linear responses from the beginning of the
test to 1% DR because most of the materials remained in the elastic range in the initial
stage. Therefore, less energy was dissipated in the early stage since only few minor
cracks were formed. After 1% DR, the cracks on the beam and in the joint zone

gradually developed causing the increase of the pinching on the hysteretic loop. Up to
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3.5% DR, the energy dissipation of Specimens MO1 and MG2 was quite similar (see
Fig. 4-15). However, when the DR increased from 3.5% to 6%, the energy dissipation
of MO1 had a tendency to overcome that of MG2. This observation could be explained
that the compressive and tensile strengths of GPC were higher than those of OPC.
Therefore, the development of vertical cracks and crushing concrete at the fixed-
support were minimized on Specimen MG2. More cracks on Specimen MO1 means it

absorbed more energy than its counterpart.
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Fig. 4-15. Comparison of energy dissipation capacity.

As shown in Fig. 4-15, the energy dissipation of the dry joints (PO3 and PG4) was
greater than that of the monolithic joint (MO1 and MG2) from 1% DR till the end of
the test. For instance, the energy dissipation of Specimen PO3 was higher than that of
Specimen MOL1, approximately 62% at 3% DR. Fatter hysteretic loops of the dry
joints, compared to the monolithic joints, caused the difference of energy dissipation
between the two joint types. The above results proved that the proposed dry joints

could be effectively applied in earthquake-prone regions.
4.2.5.3 Envelope curves and maximum applied loads corresponding to DR

The envelope diagrams of the tested specimens were indicated in Fig. 4-16. It is noted
that the envelope curve of Specimen PG4 is only up to 3.1% DR in push (+) direction

and 3.5% in pull (-) direction because no data were recorded after achieving the peak
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load due to malfunction of the testing system. Overall, all the envelope curves in Fig.
4-16 were almost symmetrical in the push and pull directions due to the similar design
of the top and bottom longitudinal rebars of the beams. However, the load-carrying
capacity in the first direction of each cycle was slightly higher than that in the second
direction. This phenomenon is attributed to the slight reduction of the applied load in

the second direction due to damages in the specimens induced by the first cycle.
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Fig. 4-16. Load-drift ratio envelope curves.

Two OPC Specimens (MO1 and PO3) had the same design with their counterparts
GPC specimens (MG2 and PG4), respectively, except concrete. It is because the
performances of GPC were the main parameter to be investigated in this chapter. The
use of high strength GPC did not affect the shape of the envelope curve but affect the
load-carrying capacity as shown in Fig. 4-16. For instance, Specimen PG4 achieved
54.6 kN at the peak load whereas the peak load of Specimen PO3 was 37.7 kN. This
different load-carrying capacity was attributed to the different tensile and compressive
strength of the two kinds of concrete. High tensile and compressive strengths of the
GPC specimens improved the tensile crack resistance in the middle joint and the
crushing of concrete at the fixed-support. Meanwhile, after reaching the peak load
from 4% to 5% DR for Specimens MO1 and MG2, the applied load of these two

specimens reached its plateau. The yielding and strength hardening of the rebars led to
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this favourable response which prevented the brittle failure of the beam-column joint
and offered essential warnings before the joint could completely fail [46].

Table 4-6 summarizes the maximum applied loads with the specimens’DRs. In order
to evaluate the ductility of the joint response, the DR is commonly utilized to compare

between different beam-column joint types. The DR (R) is determined as follows:
R=Dll (4-12)

where D and | are the vertical displacement and the beam length (I is 550 mm in this

study).
Table 4-6. Maximum applied loads with corresponding DRs.
Peak load Increase DR at peak load
Names (kN) (%) Average Incgease (%)
Positive Negative Positive Negative (kN) (%) Positive  Negative
MO1 25.8 32.3 - - 29.1 - 5.0 5.0
MG2 30.7 46.2 18.7 43.3 38.4 32.3 4.0 4.0
PO3 35.8 37.7 38.6 16.9 36.8 26.6 3.0 3.0
PG4 54.6 42.7 111.2 32.2 48.6 67.3 3.1 3.6

Note: - = not applicable.

DR of the precast specimens is often lower than that of the monolithic specimens due
to the discontinuity of the longitudinal rebars or the concrete between the beams and
columns. For example, the DR of the monolithic joints usually achieves about 3% to
5% [129, 134] while precast joints only reach between 1.5% to 3% DR [10, 14]. This
result explains why precast joints have not been popularly applied in earthquake-prone
regions. In addition, standards require different DRs to be achieved for ductile
moment-resisting frames. For instance, 2% DR is a requirement of ASCE 41-06 [18]
while the requirement of CSA A23.3-07 [17] for structures built in seismic regions is
2.5% DR. The two precast specimens (PO3 and PG4) reached 3% DR while DR of the
two monolithic specimens, namely MO1 and MG2, were 5% and 4%, respectively.
Therefore, all the specimens using OPC and GPC could be effectively applied in
seismic regions. It is noted that the DR of Specimen MG2 was lower than that of
Specimen MO1, although they had the same design except the different properties of
the concrete. This observation could be explained by two reasons: (1) GPC

demonstrated very brittle failure at the maximum applied load owing to the material
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characteristics. (2) Specimen MG2 was cast by a high strength GPC (66.1 MPa). The
brittle behaviours resulted in a low DR of Specimen MG2 as compared to Specimen

MO1 (38.4 MPa) because concrete governed the main failure of the specimens.
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Fig. 4-37. Comparison of average load-carrying capacity and drift ratio.

Fig. 4-17 shows the maximum-load comparisons of the specimens. Overall, the
proposed precast joints exhibited promising performances in DR and the maximum
applied loads, compared to those of the existing research [13-15]. The peak loads of
the two precast joints (PO3 and PG4) were higher than both of the monolithic joints
(MO1 and MG2), by approximately 26.6%. This excellent result might be attributed
to the effects of the CEP. For failure at the fixed-support, the 550-mm cantilever beam
of monolithic joints was longer than that of the precast joints (350 mm) whereas these
beams had the identical cross-sections. Consequently, when the same load was applied,
the bending moment at the fixed-support of monolithic joints was greater than that of
the precast joints by approximately 57%. Therefore, it suggests that the utility of the
CEP improves the maximum loads of these precast joints. For the failure in the joint
areas, the maximum applied loads of the dry joints were determined by the height and
thickness of the CEP. This study intentionally adjusted the thickness reported in the
previous study [14]. As a result, the maximum applied loads of the precast joints

dramatically enhanced when compared to those of the control monolithic joints. In
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addition, the peak load comparisons between the OPC group (MO1 and PO3) and the
GPC group (MG2 and PG4) show that the peak load of the GPC group was 32% higher
than that of the OPC group because the compressive strength (66.1 MPa) and the
tensile strength (5.5 MPa) of the GPC group were higher than the compressive strength
(38.4 MPa) and the tensile strength (3.8 MPa) of the OPC group. Therefore, it can be
concluded that GPC could effectively replace OPC and meet performance

requirements.
4.2.5.4 Ductility of joints

Ductility and drift ratio are two main parameters to evaluate the load-carrying capacity
of structures without any considerable strength reductions. In this study, the ductility

of beam-column joints is determined by the following equation [46, 82]:

w=gt (4-13)
where 4y and Ay denote the ultimate and yield displacements of the joints at the
ultimate and yielding load, respectively. The ultimate displacements of Specimens
PO3 and PG4 were monitored at 90% post-maximum load and at the maximum load,
respectively because of the limitation of equipment. Meantime, the ultimate
displacements of the two monolithic joints were determined at 85% of the post-
maximum load because the new equipment was used to replace the old one. For the
yield displacement, there are numerous methods to determine this parameter. Fig. 4-
18 shows the adopted method to define the ultimate and yield displacement of all the

tested specimens.

Table 4-7. Ductility of tested specimens.

Au
(85%)

Units (KN) (kN) (mm) (kN)  (mm)

Force  Qmx  Q Ay Q2 Average Decrease

(%) (%)

Names u=Au/Ay

MOL Positive 258 19.4 156 220 358 2.3 24
Negative 323 24.2 145 274 356 25 '

MG2 Positive  30.7 23.0 16.7 26.1 31.9 1.9 18 229
Negative 46.2  34.7 178 393 313 1.8 ' '

PO3 Positive  35.8 26.9 122 32.2¢ 275° 2.3 21 116
Negative 37.7 28.3 111 34.0° 215° 1.9 ' '

Positive  54.6 41.0 146 5469 17.3¢ 1.2
PG4 . 1.2 -50.0
Negative 427  32.0 16.3 4279 19.6¢ 1.2
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Note: - = not applicable.
°At 90% of the post-maximum applied load.
dAt the maximum applied load.
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Fig. 4-18. Method to determine the yielding point and failure point.

All the specimens were designed so that concrete governs the failure modes such as
concrete crushing, tensile cracks or shear cracks. As a result, the ductility of the
specimen was governed by concrete rather than the CFRP bolts. The ductility
comparisons of all the specimens are presented in Table 4-7. Specimen MO1 showed
the highest ductility («= 2.4) among the four specimens while the ductility of
Specimens MG2, PO3, and PG4 was approximately 23%, 12%, and 50% lower than
that of Specimen MO, respectively. The ductility comparisons of the monolithic
group and precast group present that the GPC specimens revealed lower ductility than
the corresponding OPC specimens. For example, Specimens MO1 and MG2 had the
same design. Also, the ultimate displacements of these two specimens were
determined at the same 85% of the post-peak load. Nevertheless, the ductility of
Specimen MG2 (u= 1.8) was lower than that of Specimen MO1 (u = 2.4). This
reduction in the ductility of the GPC joint is attributed to the brittleness of high strength
GPC. Meanwhile, the ductility of Specimen PO3 (x = 2.1) was quite close to that of
the reference Specimen MOL1 (u = 2.4). It is noted that the ultimate displacement of
Specimens PO3 was determined at 90% of the post-peak loads while that of Specimen

MO1 was 85% of the post-peak load. Therefore, it is expected that if the ultimate
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displacements of both specimens were monitored at the same 85% of the post-
maximum loads, the ductility of Specimen PO3 might be similar or even greater than
that of Specimen MOL. From the above analysis, the ductility of the specimens using
the high strength of GPC should be improved in future research even though the
current design still satisfies the requirements for the earthquake-prone region. Adding
fibres in the mixture of the high strength GPC might be a potential solution to be

considered for further investigations.
4.2.5.5 Effects of CFRP bolts on joint opening and stiffness

This study used two LVDTSs to measure the joint opening of all the precast joints, as
shown in Fig. 4-1. These LVDTSs were set up in the horizontal direction on the top and
bottom surfaces of the CEP. During the serviceability condition, the joint opening in
precast beam-column joints is expected to close. However, when the applied load
exceeds the serviceability condition (i.e., approximately 60-70% of the ultimate load
[135]), the joint might open and then close after the load decreases. Joint openings of
Specimens PO3 and PG4, which were measured by LVDT at the serviceability loads
and maximum load, were around 0 mm and 1.6 mm, respectively. The marginal joint
opening was attributed to the effects of low prestress levels in the bolts. The CFRP
bolts were applied a prestress level of about 6 kN, as shown in Fig. 4-19. The torsion
resistance of CFRP bolts was quite low so they were not prestressed to a high level. A
high prestress level on CFRP bolts might lead to premature damage of the bolts. It is
suggested that the CFRP bolts need to be prestressed to a higher level to minimize the
joint opening. To resolve this issue, a new FRP bolts type and a new method to apply
high prestress levels for FRP bolts are proposed and will be represented in another

study.

The application of CFRP bolts in this precast joint type could also lead to lower
stiffness during the initial stages (i.e., approximately 24%) compared to precast
specimens with steel bolts [46]. This behaviour was attributed to the effects of elastic
modulus than the prestress level on the bolts [46]. The elastic modulus of CFRP bolts
(100 GPa) was lower than that of steel bolts (200 GPa). Therefore, the stiffness of the
specimens with CFRP bolts was lower than that of the specimens with steel bolts. High
prestress levels in bolts only result in a minor effect on the stiffness which was also

reported in some other studies [80, 112]. In addition, the use of CFRP bolts to replace
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steel bolts in the proposed dry joints minimized a residual joint opening after resisting
intensive load due to the linear behaviour of CFRP material.
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Fig. 4-19. Tensile forces of CFRP bolts.

4.2.6 Verification of predicted results

The results of the analytical model are verified with the experimental data in this
section, including (1) the failure mode and (2) the maximum applied load. For the
failure modes, it can be seen that there was a good correlation between the
experimental observations and predictions of the proposed analytical model in Section
4.2.4. For instance, the proposed analytical model predicted that only Specimen PO3
could fail at the joint area while the other three specimens (MO1, MG2, and PG4)
might fail in the beam at the fixed-support. This prediction coincided with the failure
modes and failure position of all the specimens in the tests, as shown in Fig. 4-9 and
Table 4-5.

Concerning the failure at the fixed-support, the proposed analytical model well
predicted the maximum applied load of OPC Specimen MO1 with a variation of
approximately 13% while the higher variation of 32% was observed on GPC Specimen
MG2 due to the inaccuracy in estimating the moment capacity of the GPC beam (see
more details in Section 4.2.4.2). For the failure at the joint area, the variation of the

maximum applied load among analytical predictions and experimental tests was
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around 2-26% whereas only 1.3% variation of the horizontal shear strength was
observed if the actual strain of the longitudinal rebars was adopted to determine T3.
The above results proved that the proposed analytical model can predict the failure
modes, peak load, and horizontal shear strength of the specimens. However, to
improve the reliability of the proposed analytical model, it is necessary to use the
numerical simulation to study some parameters which are too complicated to measure
during experimental tests such as shear stress in CFRP bolts and the validity of the two
assumptions in this analytical model. The proposed analytical model in this chapter

can successfully offer the foundation for further studies.
4.3 Summary

This chapter conducted an experimental investigation on the structural performances
of the ambient-cured GPC monolithic joints and the newly proposed dry joint using
GPC and CFRP bolts under cyclic loading. A new analytical model to design GPC
monolithic and GPC precast joints was also proposed. The results showed that GPC
precast joint offered various advantages in terms of the load-carrying capacity and
energy dissipation, compared to the monolithic joint. Nevertheless, GPC joints also
revealed a reduction in the ductility due to the brittle characteristic of GPC material.
The following key points are drawn from the experimental results and theoretical

predictions:

1. The proposed analytical model could well predict the main failure modes,
failure positions, and failure load of both the monolithic and precast joints
made of OPC and GPC. The analytical model predicted the horizontal shear
strength of the precast specimen with a low variation of 1.3% while this
variation of ACI 318-11 [72] model was 35%.

2. The crack development and failure mode of both OPC and GPC joints were
similar. The tensile strength of concretes significantly affected several crucial
parameters of the beam-column joints such as failure mode, load-carrying
capacity, and energy dissipation.

3. The ductility of both GPC monolithic and GPC precast joints was lower than
their counterparts OPC joints by approximately 22.9-42.8%. The GPC
specimens showed brittle failure at the peak load.
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4. Drift ratio of all the specimens was higher than 2.5%, which satisfied the
requirements of ASCE 41-06 [18] and CSA A23.3-07 [17] standards for
structures in seismic regions.

5. Both the GPC monolithic and GPC precast joints showed promising results in
the indices of the peak load and energy dissipation compared to the
corresponding OPC monolithic and OPC precast joints, respectively.

6. The application of CFRP bolts in the precast joints could minimize the residual
joint opening after resisting intensive load. However, it showed an
approximately 24% lower stiffness during the initial stages in the tests,
compared to the precast specimens with steel bolts due to the lower elastic
modulus of CFRP than steel.

7. CFRP bolts could replace steel bolts in the proposed dry joints to resolve
corrosion problem while they still meet the design requirements of shear
resistance and ductility for the dry joints.

In conclusion, this chapter suggests potential solutions for three main problems in the
construction sector. Firstly, GPC could effectively replace OPC to reduce
environmental pollution owing to reuse of industrial wastes. Secondly, the corrosion
of the connecting elements in the conventional dry joints could be effectively mitigated
by the application of CFRP bolts and plates. Finally, the new proposed dry joint type

met the requirements for application in the earthquake-prone regions.
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CHAPTER 5: EXPERIMENT AND NUMERICAL STUDY ON

NEWLY PROPOSED DRY AND HYBRID CONCRETE JOINTS

WITH GFRP BOLTS AND GFRP REINFORCEMENTS UNDER
CYCLIC LOADING

ABSTRACT*#

This chapter proposes a new hybrid concrete joint using glass fibre reinforced polymer
(GFRP) bolts and reinforcements to replace steel bolts and reinforcements for
corrosion damage mitigation. The experimental results indicated that the proposed
hybrid concrete joints satisfy the seismic-resistant design requirements with respect to
the ductility and energy dissipation of ASCE 41-06 [18] and CSA A23.3-07 [17]
standards. The energy dissipation of the hybrid concrete joint was approximately 57%
higher than the reference monolithic joint. In addition, the application of GFRP bolts
and reinforcements not only avoided brittle failure during the test but also showed
excellent behaviours in terms of the drift ratio, ductility, and energy dissipation.
Numerical simulation using ABAQUS software was also carried out, which
successfully captured the failure modes, drift ratios, and peak loads of the dry, hybrid,
and monolithic joints. The numerical results proved that the common assumptions
which were adopted in the proposed models in Chapters 3 and 4 [24, 46] were reliable
to predict the peak loads. The ratio of the thickness of the concrete-end-plate (CEP)
over the height of the beam of 1.3 was the optimal value and it can be used in CEP
design of the dry joint. Finally, the developed three-dimensional finite element (3D-
FE) model verified with the testing data can be confidently applied in future studies to
investigate the seismic performances of the dry, hybrid, and monolithic beam-column

joints using GFRP reinforcements and bolts.

* This work was under review with the full bibliographic citation as follows:

Ngo TT, Pham TM, Hao H, Chen W, Ha NS. Experiment and numerical study on
newly proposed dry and hybrid concrete joints with GFRP bolts and GFRP
reinforcements under cyclic loading. (Responding to reviewers’ comments).
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5.1 Introduction

Beam-column joints are important components in a building since they connect beams
to columns and transmit forces between these components. It was observed in many
earthquakes that failures of the beam-column joints could cause collapse of the
building while no damage was observed on the beams and columns [19, 38, 39]. To
resolve this issue, a design method that shifts the failure from the beam-column joints
to the beam-ends has been proposed in previous studies. This method helps to increase
the ductility and energy dissipation (ED) and avoid brittle failure of buildings under
earthquake loading [19, 39, 46]. Numerous studies [24, 39, 46, 136] indicated that to
ensure the plastic hinges only occur at the beam-end, the beam-column joints need to
be sufficiently strong to resist the shear failure within the joint area. Therefore, it is

critical to increase the shear resistance of the joint to resist seismic loadings.

In practice, there are generally two kinds of beam-column joints, i.e., monolithic and
precast joints. For precast joints, they can be classified into three groups including wet,
dry, and hybrid joints. Nowadays, the dry and hybrid joints have been increasingly
applied in many constructions considering their various advantages such as shorter
construction time, reduced construction cost, easier replacement of damaged
components, more convenient application of new materials and technologies (e.g., 3D
printing, geopolymer concrete, ultra-high performance concrete and fibre-reinforced
concrete). For dry joints, beams and columns are erected in a construction site without
the requirements of formworks. For hybrid and wet joints, although beams and
columns are also placed in required positions using a crane, concrete needs to be filled
into gaps during the construction period. Accordingly, formwork is still required

during the concrete filling process for wet joints but not hybrid joints.

Monolithic and wet joints are more commonly used because they have been more
intensively studied and show promising performances in the critical indices such as
drift ratio (DR), ductility, ED and load-carrying capacity. The application of the hybrid
and dry joints has been avoided in the seismic-prone areas owing to the lack of
appropriate hybrid and dry joint types with sufficient strength and limited knowledge
about their behaviours under earthquake loading. To resolve these drawbacks, many
studies have been conducted to address this issue. Chapter 2 proposed a new dry joint
using CFRP bolts and concrete-end-plate (CEP). The proposed dry joints showed
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higher values in terms of the peak load (27-61%), effective stiffness (27-55%), and ED
(45-75%), compared to those of the corresponding monolithic joint. All the precast
joints in the latter study reached 3% drift ratio (DR) which satisfied the requirements
of ASCE 41-06 [18] and CSA A23.3-07 [17] for applying in seismic-prone regions. In
addition, an analytical model was proposed to predict the load-carrying capacity in
Chapters 3 and 4 [24, 46]. The variation between the experiment and the proposed
analytical model was less than 2% [46]. However, the bulky appearance of the CEP
was a disadvantage of this dry joint which needs further improvement. Alver et al.
[137] and Jin et al. [10] investigated another dry joint using steel tendons to connect
beams and columns. These studies indicated that the shear failure primarily governed
the failure modes of the dry joint. Comparing to the dry joint using CFRP bolts and
CEP [24, 44], the dry joints using steel tendons face more challenges in erecting and
replacing damaged components because the steel tendons need to go through beams
and columns. On the other hand, numerical studies on the dry and hybrid joints under
cyclic loading are very limited, most of previous studies were based on experimental
tests [85, 138-141]. The tests, however, can only provide limited measurements of the
joint’s performance while some critical parameters could not be observed, e.g., stress

distribution in concrete and complex stress states within the joint region.

Numerical simulation using three-dimensional finite element (3D-FE) model was
applied in various studies to investigate the structural performances. The application
of numerical simulation can reduce the experimental costs and time for manufacturing
and testing specimens. There are some software packages which can be used to
simulate the behaviours of structures under static and dynamic loading, including
ANSYS, DIANA, and ABAQUS. Nevertheless, previous numerical studies showed
considerable variations between experimental and numerical results. Kaya and Arslan
[94] used ANSYS to simulate the post-tensioned precast beam-column joints using
steel tendons under various prestress levels. A large difference in stiffness between
experiment and numerical simulation was observed in the study. Also, the hysteretic
curves of the numerical simulation were not presented in the previous study [94]. Alaee
and Li [142] used DIANA to investigate structural responses of monolithic joints using
high-strength concrete and high-strength reinforcements. The 3D-FE model well
captured the envelope curves and predicted the peak loads. However, a high variation

of the hysteretic curve obtained from the experiment and numerical simulation was
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also recorded. In other studies [143, 144], DIANA was utilized to examine the effects

of the axial loads and the thickness of steel plates in hybrid steel-concrete joints. These

N
Acf!

performances in term of the peak load. However, when increasing axial load with the

N
Acf?

Moreover, the thickness of the steel plate significantly affected the displacement and

studies found that applying the axial force up to (—) = 0.3 could improve the joint

value of (—) > 0.3, negative effects were observed in the joint’s behaviours.

ED of this hybrid joint, and 14-mm thickness of the steel plate was found as an optimal

design for the investigated joints.

Mosallam et al. [39] utilised ABAQUS to investigate the retrofitted monolithic beam-
column joints with FRP laminates. Higher stiffness and peak load were observed for
the numerical simulation results, compared to the corresponding experimental results.
For instance, the variation of the peak loads in [39] was in a range of 9-32%. Le et al.
[81] conducted a parametric study on precast segmental beams using ABAQUS to
investigate the effects of prestressing levels on the beam performances. The numerical
results indicated that the prestressing levels governed the failure patterns, peak load,
and ductility. For instance, higher prestress forces could increase the peak load of the
precast segmental beams by approximately 20-22%. Moreover, a significant variation
of the initial stiffness between the numerical simulation and experiment was reported.
The above studies suggest that achieving a good agreement between the numerical
simulation and experiment results, especially the hysteretic curves under cyclic
loading is challenging. This issue is attributed to a lack of material models which could
well simulate material performance under different loading conditions. For example,
the concrete damaged plasticity model in ABAQUS could not well capture the shear
and tensile failures of reinforced-concrete structures under cyclic loading [145, 146].
Therefore, in many previous studies, only monotonic loading was considered to get
the load-displacement relationship, instead of modelling the performance under cyclic
loading in using ABAQUS [7, 147, 148]. In addition, running a simulation of the
beam-column joints under cyclic loading requires a high computational cost compared

to monotonic loading.

There are four innovations in this chapter, compared to previous studies [19, 24, 46].
(1) A new hybrid joint was proposed to resolve a disadvantage related to the bulky

appearance of the dry joint with the CEP. Together with the dry joint proposed in the

142



previous studies [19, 24, 46], this new hybrid joint offers a new option of consideration
to engineers in designing precast joints. (2) GFRP reinforcements and bolts were used
to replace steel reinforcements and bolts for effective mitigation of the corrosion
problem of precast joints. It is noted that there have been no studies of the
performances of precast joints with GFRP reinforcements and bolts under cyclic
loading in open literature yet. (3) Numerical model was build using ABAQUS to
investigate the structural responses of the dry and hybrid joints with CEP and bolts
under both cyclic and monotonic loads. Based on the numerical simulation, some
parameters (e.g. shear stress distribution in the concrete of CEP and principal stress
flow), which could not be straightforwardly measured in the experiment, will be
discussed in this chapter. In addition, the assumptions in the previously proposed
model to predict the load-carrying capacity in Chapters 3 and 4 [24, 46] were validated,
based on the numerical simulation results. (4) The CEP thickness in both the dry and
hybrid joints is the critical parameter of these joints and thus the effects of the CEP

thickness were examined by using experimental and numerical results.
5.2 Experimental program

This chapter investigates the performances of a newly proposed hybrid joint using
GFRP bolts, GFRP reinforcements, and concrete-end-plate (CEP). The thickness of
the CEP, which is the critical parameter, was varied to examine its influence on the
joints’ performance. Six specimens, including two monolithic joints (M1-SR and M2-
GR) as references, two-hybrid joints (H3-GR-T200 and H4-GR-T100), and two dry
joints (D5-SR-S-T200 and D6-GR-S-T100), were cast and tested under cyclic loading.
The letters “M”, “H”, and “D” indicate the monolithic, hybrid and dry joints,
respectively. “GR” denotes GFRP reinforcements whereas “SR” denotes steel
reinforcements. “T100” and “T200” represent the thickness of CEP of 100 and 200
mm, respectively. It is noted that both the dry joints used steel bolts to connect the
beam and column so the letter “S” indicates steel bolts. The information of all the
specimens is summarized in Table 5-1. Details of the specimen dimensions, test setups,

and material properties are presented in the subsequent sections.
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Table 5-1. Specimen design.

CEP CEP
Names Joint Types  Reinforcements Bolts thickness Cross-
(mm) sectlgn
(mm°)
M1-SR Monolithic Steel - - -
M2-GR Monolithic GFRP - - -
H3-GR-T200 Hybrid GFRP GFRP 200 200%250
H4-GR-T100 Hybrid GFRP GFRP 100 200%250
D5-SR-S-T200 Dry Steel Steel 200 150%350
D6-GR-S-T100 Dry GFRP Steel 100 200%350

Note: - = not applicable.

5.2.1 Details of beam-column joints

Details of the dimensions and shapes of the monolithic joints and hybrid joints are
illustrated in Figs. 5-1 and 5-2. It should be noted that in the design and preparation of
the specimens for testing, the experiences gained in the previous studies [19, 46], as
well as in the process of the current study, were taken into consideration. Some
improvements on the hybrid and dry joints were made to further ease the assembly
process of beams and columns. Therefore, the dimensions of the six tested specimens
were not exactly the same, and hence the results among the specimens might not be
directly comparable, but indicative only and can be used to verify the numerical
models. The beam width of Specimens H3-GR-T200, H4-GR-T100, and D6-GR-S-
T100 were 200 mm. To ensure fair comparisons between the hybrid/dry joints and the
monolithic joint, the beam width of the monolithic specimen M2-GR was also
increased up to 200 mm. The beam cross-sections of Specimen M2-GR, H3-GR-T200,
H4-GR-T100, and D6-GR-S-T100 were 150-mm height and 200-mm width whereas
those of Specimens M1-SR and D5-SR-S-T200 were 150 and 150 mm, respectively.
The beam length of all the specimens was 820 mm. The beam of the hybrid and dry
joints was divided into two parts, including Beam A and the CEP (see Fig. 5-3). The
cross-section of the CEP of hybrid and dry joints was different. The CEP cross-section
of hybrid joints was 200-mm width and 250-mm height, whereas that of dry joints was
200/150-mm width and 350-mm height. In addition, due to the requirements for
accommodating both bolts and nuts, the cross-section of CEP was larger than that of

Beam A. As the primary parameter in this chapter, the thickness of CEP varied from
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100 mm (Specimens H4-GR-T100, D6-GR-S-T100) to 200 mm (Specimens H3-GR-
T200, D5-SR-S-T200) to investigate its effect on the performance. The dimensions of
the column remained unchanged in all the specimens with 200-mm square cross-
section and 1280-mm length. The diameter of the GFRP longitudinal rebars and GFRP
stirrups was 17.1 mm and 10.5 mm, respectively. For convenience, GFRP spiral
stirrups were applied in both the beam and column with the same spacing of 35 mm,

as shown in Fig. 5-1.
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e

Fig. 5-2. 3D-views of the newly proposed hybrid joint.

Fig. 5-3 shows a typical view of GFRP cages, formworks, and shear keys. High
strength concrete was filled into the green gap (see Fig. 5-3) after applying prestress
forces to the GFRP bolts. 4 GFRP bolts with the diameter of 25 mm was applied a high
prestress force up to 35 kN by the use of a hydraulic jack, chair, and spanner [2]. This
new method of being able to apply high prestress force to FRP bolts was described in
[2], which effectively resolved the limitations in the previous studies [19, 44] of not
being able to apply large prestress force to FRP bolts owing to the weak shear strength
of FRP material [19, 24, 46] (see Fig. 5-4). The conventional method of using a torch
wrench to apply the prestress force to CFRP bolts caused local damage at the nut
location. As a result, only 6.5-10.5 kN of the prestress force was applied to CFRP bolts

due to the low torsion resistance of the bolts in the previous studies [19, 24, 46].
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Fig. 5-4. Setup for applying prestress to GFRP bolts.

5.2.2 Test setups

Fig. 5-5 shows a typical test setup of the hybrid joints. Before testing, a prestress force
of 35 kN was applied to each GFRP bolt. This value was higher than the prestress force
in CFRP bolts (4.1-6.5 kN) in the previous chapters. A higher prestress level may result
in an increase in the maximum applied load, as concluded in Chapter 2. A 500-kN
hydraulic jack was used to apply the cyclic load at the loading point, 550 mm from the
column surface. Another hydraulic jack was placed on the column top to apply 65 kN
(= 0.03 Acfc) axial force on the column (see Fig. 5-5). This axial force was maintained
as low as possible to simulate the most unfavourable case of joint behaviours. The
loading history (see Fig. 5-6) was based on ACI T1.1-01 [16] standard and the previous
studies [19, 46]. Displacement control at the level of 6-9 mm/min was used in the
tests.
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5.2.3 Material properties

Ready-mixed concrete from Boral Pty Ltd [149] was used to cast all the specimens in
this chapter (see the mixture in Table 5-2). The concrete properties were determined
according to AS 1012.8.1-14 [74] and AS 1012.9.1-14 [75] standards. Due to different
concrete batches, the testing-day compressive strength (f°c) and tensile strength (fc) of
group 1 (M1-NF, D5-SR-S-T200 and D6-GR-S-T100) were 38.5 MPa and 3.8 MPa,
respectively whereas those of group 2 (M2-GR, H3-GR-T200, and H4-GR-T100) were
59 MPa and 4.2 MPa, respectively. The mixture of the high strength concrete with the
compressive strength of 75 MPa used to fill the gap in hybrid joints as shown in Fig.
5-3 is presented in Table 5-2. GFRP bolts and nuts were supplied by Bluey Pty Ltd
[150]. The nominal tensile force of threaded rods (350 kN) was significantly higher
than the failure force of the nuts (70 kN). Therefore, the capacity of the whole bolts
was governed by the capacity of nuts. The mechanical properties of GFRP bolts are
presented in Table 5-3. The mechanical properties of GFRP reinforcements, which

were sponsored by Pultrall Inc [151], are summarized in Table 5-4.

Table 5-2. Mixture proportions of 1 m® plain concrete [149] and filled concrete.

Materials Unit Resgr)]/égged Filled concrete

Sand (kg/m®) 534 1051
7-mm coarse aggregate (kg/m?) 1100 -
Coarse sand Gin Gin (kg/m?) 225 -
Cement (kg/m?) 400 995
Water (L/m3) 175 180
Plastiment BV35 (L/m?) 1.6 -
Viscocrete 10 (L/m?) 1.2 -
Viscoflow 15 (L/m3) 1.2 -
Silica fume (kg/m?) - 238
Superplasticizer (kg/m?) - 67
Steel fibre (35 mm) (%) - 2

Note: - = not applicable.
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Fig. 5-7. Details of (a) GFRP bolts and (b) GFRP spiral stirrups.

Table 5-3. Properties of GFRP bolts and nuts [150].

Nominal

Nominal Cross- Shear  Shear Ultimate Elastic Weidaht
diameter . @90° @50° load modulus
Names section area
(mm) (mm?) (kN) (kN) (kN) (GPa)  (kg/m)
Bolt 25 346 170 345 > 350 60 0.9
Nut 25 - - - 70 60 -

Note: - = not applicable.

Table 5-4. Mechanical properties of GFRP reinforcements [151].

Nominal , ,
diameter u fu F u f u Qsh Fsh Es Al’ea NOteS
(mm) (kN)  (MPa) (kN) (MPa) (kN) (MPa) (GPa) (mm?)
10.5 89.7 1259.2 423 593 336 2358 54 87 Stirrups
Longitudinal

17.1 268.9 1358.3 1324 668.8 825 2085 54 230 ;
reinforcements

Note: Fyand fu = Load at the break and tensile strength of the straight portion.
F’yand f’y = Load at the break and tensile strength of the bent portion.
Qsh and fsh = Load at the break and transverse shear strength.

Es = Elastic modulus.
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5.3 Experimental results and discussion
5.3.1 Global performances and failure modes

In the beam-column joints, there were three possible failure positions including the
joint area, fixed-end of the beam, and a combination of the joint area and fixed-end.
Either shear failure or compressive strut failure mainly governed the failure patterns
in the joint area while flexural cracks and concrete crushing dominated failure modes
at the fixed-end [24]. Fig. 5-8 shows the failure modes of all the specimens tested in
this chapter. The shear keys were utilized at the interface between the columns and
CEPs of the precast joints (excepting Specimen D5-SR-S-T200) to resist the shear
forces. Therefore, no-slip between the column and CEP was observed during the tests.
Meanwhile, despite no shear keys on Specimen D5-SR-S-T200, no-slip was recorded
on this specimen either because the friction between the column and CEP surfaces was
sufficient to resist the shear force. Although the maximum tensile forces in GFRP bolts
almost reached their nominal capacity of the GFRP nuts (see Table 5-3), no failure
was observed on GFRP nuts. For instance, the maximum tensile forces of GFRP bolts
of Specimen H3-GR-T200 was 69 kN which almost reached the nominal capacity of
the GFRP nuts (70 kN). After testing, all GFRP nuts were carefully checked and
showed good conditions without damage. Fig. 5-9 shows strain of longitudinal
reinforcements and middle stirrups in the CEP. The strain of steel and GFRP
reinforcements at the peak load was lower than the yield strain (2,985 pe) and the
nominal strain at the break strength (25,238 pe), respectively. For instance, strain of
the longitudinal reinforcements of Specimens M1-SR, M2-GR and D6-GR-S-T100
was 2,233 pe, 9,666 pe, and 3,994 e, respectively. The above results proved that steel
and GFRP reinforcements did not govern the main failure of the specimens so concrete
dominated the main failure of the specimens. These results indicate that the structures
using GFRP materials satisfy the design requirements for not suffering brittle failure.
On the other hand, strain of the longitudinal reinforcements of Specimen M2-GR was
around four times higher than that of Specimen M1-SR at the peak load. Lower elastic
modulus of GFRP reinforcements (54 GPa), compared to that of steel reinforcement
(200 GPa) caused the above difference. The lower modulus of GFRP also led to a
higher DR of the specimens using GFRP reinforcements. More discussions about DR

will be given in the subsequent section.
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Fig. 5-8. Failure modes.

To evaluate if the specimens failed in the beam or the joint area, it is necessary to
estimate the capacity of the beam, together with the observation during the test. This

study adopted ACI 318-11 [72] to estimate the loading capacity of the beams with steel
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reinforcements and ACI 440.1R-15 [152] for that of beams with GFRP reinforcements.
The calculations showed that the design capacities of the beams of Specimens M1-SR,
M2-GR, D5-SR-S-T200, and D6-GR-S-T100 were 28, 32.9, 44, and 33.2 kN,
respectively. The loading capacity of the beam of Specimen M2-GR was higher than
that of Specimen M1-SR due to higher concrete compressive strength and larger beam
width. The concrete compressive strength and beam width of Specimen M2-GR were
59 MPa and 200 mm, respectively, whereas those of M1-SR were 38.5 MPa and 150
mm, respectively. The loading capacity of Specimens H3-GR-T200 and H4-GR-T100
was 50 kN and 39.7 kN, respectively. It is noted that the actual applied loads on the
beam of the specimens with hybrid joints were lower than the respective loading
capacity due to the spalling failure of the filled concrete block due to poor bonding
between the filled higher strength concrete and the normal concrete of the beam. Based
on the above-estimated loading capacity, if the applied peak loads to the specimens
were lower than the loading capacity of the beams, the failure of these specimens was
governed by other parts, i.e. joint area. Otherwise, these specimens might fail in the
beam of the specimens with the monolithic or dry joints or a combined failure in both
the beam and joint of the specimens with the hybrid joint. From the observation during
the tests and the comparisons between the design loading capacities and the applied
peak loads in the tests, it could be concluded that Specimens M1-SR and D5-SR-S-
T200 failed in the beam at the fixed-end while the primary failure of Specimen D6-
GR-S-T100 occurred in the joint area. The combined beam and joint failure was
observed on Specimens M2-GR, H3-GR-T200, and H4-GR-T100 due to large
displacement and low bonding between old and new concrete at the filled slot of the

hybrid joint.
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To evaluate the failure modes of the specimens using steel and GFRP reinforcements,

a comparison was conducted between Specimens M1-SR and M2-GR. In general, the

failure modes of these specimens were similar at the same DR. Flexural cracks

occurred quite early at the fixed-end of the beam when the beam soffit was in tension

at 0.3-0.5% DR. Afterwards, the flexural cracks extended to the loading point at 100
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and 200 mm from the fixed-end. After 1% DR the inclined cracks tended to propagate
to the joint area. However, there were three different types of failure modes in these
two specimens. (1) Although the trend of the inclined cracks in the joint area was
similar, more inclined cracks were observed in the joint area of Specimen M2-GR,
compared to Specimens M1-SR. It is attributed to the displacement applied during the
tests. The beam width of Specimens M2-GR (200 mm) was larger than that of
Specimen M1-SR (100 mm). As a result, it required a larger force to deform the beam
of Specimen M2-GR than that of Specimen M1-SR and, therefore, caused more cracks
in the joint area of Specimens M2-GR at the same drift ratio of Specimen M1-SR, as
shown in Figs. 5-8(a) and 5-8(b) at 5% DR. (2) Crushing of concrete was observed in
Specimen M1-SR at 2% DR whereas no crushing of concrete appeared on Specimen
M2-GR until 5% DR. This different performance was attributed to the different
concrete compressive strength of these specimens. Higher concrete compressive
strength of Specimen M2-GR (59 MPa) well resisted the compressive stress in
concrete, compared to Specimen M1-SR (38.5 MPa). (3) Especially, more severe
damage was observed on Specimen M2-GR after test, compared to Specimen M1-SR.
It is because the elastic modulus of GFRP reinforcements (54 GPa) was lower than
that of steel reinforcements (200 GPa). The lower elastic modulus caused higher
elongation of GFRP reinforcements, compared to steel reinforcements. For instance,
at the same 5% DR, strain of the longitudinal GFRP reinforcements (8,685 pe) was 3.9
times higher than that of the longitudinal steel reinforcements (2,233 pe), see Fig. 5-
9(a). At the end of the tests, Specimen M2-GR showed larger displacement (10.5%
DR), compared to Specimen M1-SR (6.5% DR). Larger displacement caused more
severe damage in the joint area and concrete crushing at the fixed-end of Specimen
M2-GR.

Figs. 5-8(c) and 5-8(d) illustrate the main failure modes of the two-hybrid joints (H3-
GR-T200 and H4-GR-T100) with different thicknesses of the CEP (200 vs 100 mm).
In general, the failure positions of these two specimens were similar that both the
specimens failed at the fixed-end and in the joint area. Although the beams of these
two specimens did not reach their loading capacity (50 kN for Specimens H3-GR-
T200 and 39.7 kKN for H4-GR-T100), severe damage and concrete spalling were
observed at the fixed-end and in the joint area of these two specimens, as shown in
Figs. 5-8(c) and 5-8(d). It is attributed to the low bonding strength between old and
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new concrete surfaces. This low bonding caused initial cracks around the filled
concrete block at a low DR of 0.5-1% in the pull direction and led to damage of the
filled concrete block in the push direction. Consequently, the cross-section of the beam
reduced and caused more severe damage at the fixed-end. At the first cycle of 1% DR,
the inclined cracks started at the fixed-end and propagated to the middle zone of the
CEP. Tensile and shear cracks governed the main failure of these two specimens.
Therefore, strain of middle stirrups in the joint area was relatively high. For example,
the strain of Specimen H3-GR-T200 at the peak load (2.5% and 3.5% DR) was 2,723
and 3,866 pe, respectively (see Fig. 5-9(b)). It is noted that the inclined cracks were
only observed on the column of Specimen H3-GR-T200 from 1.5% DR while no
cracks appeared on the column of Specimen H4-GR-T100 and other precast joints.
The application of the shear key helped to transfer the shear force into the column and
induced inclined cracks in the column of Specimen H3-GR-T200. As a result, the
inclined cracks were generated on the column of Specimen H3-GR-T200 only. For
Specimens H4-GR-T100 and D6-GR-S-T100, although shear keys were also applied
on these specimens, no inclined cracks were observed on the column due to weak shear
resistance at CEP with a thin thickness of 100 mm. Therefore, for Specimens H4-GR-
T100 and D6-GR-S-T100, the CEP reached their ultimate shear capacity before the
column. Lower shear resistance of the CEP of Specimen H4-GR-T100, compared to
Specimen H3-GR-T200 also caused more severe damage to the CEP of Specimen H4-
GR-T100, as shown in Figs. 5-8(c) and 5-8(d). In general, the failure of Specimens
H3-GR-T200 and H4-GR-T100 was governed by the CEP.

Figs. 5-8(e) and 5-8(f) show a comparison of failure modes between two dry joints
with different thicknesses of the CEP (100 vs 200 mm). In general, the failure modes
of the two specimens were different. Specimen D5-SR-S-T200 failed at the fixed end
of the beam whereas Specimen D6-GR-S-T100 failed in the joint area. The flexural
cracks (see the pink curve in Fig. 5-8(e)) and crushing of concrete at the fixed-end
mainly governed the main failure modes of Specimen D5-SR-S-T200 due to greater
shear resistance of the CEP. Therefore, in the dry joint with the CEP thickness of 200
mm, the ultimate bending capacity of the beam was reached before the shear capacity
of CEP. For Specimen D6-GR-S-T100, due to a reduction of the CEP thickness from
200 mm to 100 mm, the shear resistance of the CEP of Specimen D6-GR-S-T100 was

significantly reduced. Consequently, various inclined cracks were generated in the
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middle zone of the CEP (see the red curves in Fig. 5-8(f)). The inclined cracks of these
two dry joints only concentrated in the middle zone of the CEP due to higher shear
stress concentrated in the middle zone, compared to the right and left zone of the CEP.
High prestress force in the bolts increased the confined capacity of concrete in the right
and left zone of CEP [19, 46]. Therefore, fewer cracks were observed in these zones.
This finding will be validated in the next section using numerical simulation with
ABAQUS. Finally, almost no cracks on the beam of Specimen D6-GR-S-T100 while
some flexural cracks appeared on Beam A from the fixed-end to the loading point of
Specimens D5-SR-S-T200. It is because Specimen D6-GR-S-T100 failed very early
before Beam A reached its ultimate bending capacity. The above results indicated that

reducing the CEP thickness changed the failure mode from the beam to the joint area.
5.3.2 Hysteretic responses

Both the hysteretic and envelope curves of the monolithic and dry joints were
approximately symmetrical in the push and pull directions (see Figs. 5-10 and 5-11)
due to the identical longitudinal reinforcements. However, those of the hybrid joints
(H3-GR-T200 and H4-GR-T100) were asymmetrical in these directions owing to the
asymmetric designs of the CEP (see Figs. 5-1 and 5-2). The hybrid joints showed
ductile performance in the pull direction while the applied load quickly reduced in the
push direction after reaching the peak load. For instance, at 4% DR, Specimen H4-
GR-T100 retained 85% of the post-peak load in the pull direction while it completely
failed (almost zero applied load) in the push direction. This phenomenon is attributed
to (1) the gaps on the beams owing to the spalling failure of concrete filling the slot of
the hybrid joints as discussed above, and (2) the effect of the CEP thickness. The
longitudinal reinforcements well resisted the tensile stress in the beam in the pull
direction. Meanwhile, the filled concrete block was damaged in the push direction due
to the low bonding between old and new concrete surfaces. In addition, reducing the
CEP thickness caused severe damage in the joint area which mainly affected the
loading capacity in the push direction, as shown in Fig. 5-8(d). The above two reasons
led to significantly different loading capacity in the two directions. Fortunately, the
hybrid joints indicated greater performances in the pull direction (primary loading
direction in the real joint application), compared to the push direction. Therefore, this

newly proposed hybrid joint could be effectively applied to structures in seismic-prone

158



areas to reduce construction cost. For high seismic-prone areas, the bonding between
old and new concrete surfaces needs to be improved and further studies are deemed

necessary.
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Fig. 5-10. Hysteretic responses of all the specimens.

The hysteretic curves of Specimens M1-SR and M2-GR in Fig. 5-10 indicate typical
different behaviours of the specimens using the steel and GFRP reinforcements. Due
to linear behaviours up to rupture of the GFRP reinforcements, smaller residual
displacement (2.8 mm) was recorded in Specimen M2-GR, compared to Specimen M1
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(13.8 mm) at the same 5% DR. The beams of the specimens using GFRP
reinforcements could return back to its original position after unloading. It means the
application of GFRP reinforcements did not induce brittle failure of the tested beam-
column joints in the testing range in this chapter while the great centring capability
was observed on specimens using GFRP reinforcements. This observation was also
reported in another study under impact loading [2]. Yielding of steel reinforcements
induced larger residual displacements for Specimen M1-SR. It is noted that concrete
should govern the main failure modes in all specimens using GFRP reinforcements to
avoid brittle failures. This principle should be applied in designs of the beam-column

joints using GFRP materials.
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Fig. 5-11. Envelope curves of the tested specimens.

Note: * = estimated value based on the beam without gap.
5.3.3 Energy dissipation capacity

Energy dissipation (ED) is an important parameter to evaluate the performance of a
structure under earthquake loading. The beam-column joints are considered to have
good performances under seismic loading if they can dissipate sufficient energy while
retaining their stiffness and loading capacity. The ED of the beam-column joint under

cyclic loading is determined based on the area enclosed inside the hysteretic loop in
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the first of every two cycles. As depicted in Fig. 5-12, the ED of all the specimens was
analogous up to 1% DR owing to the elastic performance in the initial stage. After that
the ED of the specimens was different. In general, the ED of the dry and hybrid joints
(H3-GR-T200 and D5-SR-S-T200) was greater than that of the corresponding
monolithic joints (M1-SR, M2-GR). For instance, the ED of the precast joints (hybrid
and dry joints) was approximately 57-74% higher than that of the monolithic joints at
4% DR. It means the proposed dry and hybrid joints showed excellent ED under
seismic loading and therefore are superior for applications in structures in seismic-
prone areas. There are two possible reasons to explain this promising result. (1) Under
cyclic loading, the joint opening was observed in the precast joints at the excessive
load and the joint closed after unloading due to the prestress forces and linear
performance of the bolts. This behaviour led to better ED in the precast joints due to
friction between interfaces and damping of material, as compared to the monolithic
joints in which ED depends mainly on plastic deformation and damage of structural
materials. (2) Given the same drift ratio, precast joints have higher loading capacity in
each cycle, compared to the monolithic joints, which led to greater ED. Therefore, the
above results suggest that the precast joints could well replace the monolithic joints in

seismic-prone areas.

To further evaluate whether the application of GFRP reinforcements affected the ED
of beam-column joints, a comparison was conducted between Specimen M1-SR using
steel reinforcements and Specimen M2-GR using GFRP reinforcements (see Fig. 5-
12). In general, the ED of the both specimens was analogous while marginal higher
ED was observed in Specimen M2-GR, as compared to Specimen M1-SR from 1.5%
DR to 4.5% DR. This positive result is attributed to fat hysteretic loops and higher
applied load in Specimen M2-GR using GFRP reinforcements. Although GFRP
reinforcements showed linear performances up to rupture, fat hysteretic loops were
observed on Specimen M2-GR because GFRP reinforcements have lower stiffness
compared to the steel reinforcements, therefore likely led to more concrete damage
although the concrete strength of M2-GR was higher than that of M1-SR. In addition,
GFRP reinforcements in this chapter were designed to avoid rupture failure during the
test and concrete governed the main failure modes of the specimens, as illustrated in
Section 5.3.1. The applied load of Specimen M2-GR was higher than that of Specimen

M1-SR due to the linear behaviour and higher strength of GFRP reinforcements than
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steel reinforcements, as well as the higher concrete compressive strength and larger
beam width. The loading capacity of M1-SR would not substantially increase after the
steel yield. Nonetheless, the current comparison may not be valid if the concrete
strength and beam size of M1-SR and M2-GR were the same, i.e., steel reinforcement
might lead to more ED because of steel yielding. Nonetheless, these results indicate
that the application of GFRP reinforcements can meet the ED requirements of beam-

column joints under seismic loading.
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Fig. 5-12. Energy dissipation of all the specimens.

5.3.4 Drift ratio and maximum applied loads

Drift ratio is a crucial parameter to evaluate the ductility of structures under earthquake
loading. This parameter is determined based on the ratio of beam displacement at the
loading point (A) and the beam length from the column surface to the loading point

(I=550 mm), as denoted below:

R=A/I (5-1)
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Fig. 5-13. Comparison of peak load and drift ratio.

A comparison of the peak loads and the corresponding DRs is presented in Fig 5-13.
In general, the application of GFRP reinforcements illustrated good performances in
terms of the peak load and DR, compared to the corresponding steel reinforcements.
Specimen M2-GR reached 6% DR which was higher than that of Specimen M1-SR
(5%). This DR well exceeds the requirements of many standards for structures built in
the seismic-prone regions, such as ACI T1.1-01 [16] (3.5%), CSA A23.3-07 [17]
(2.5%), and ASCE 41-06 [18] (2%). Lower elastic modulus and higher rupture strength
of GFRP reinforcements resulted in better DR of Specimen M2-GR, compared to
Specimen M1-SR using steel reinforcements. In addition, although GFRP
reinforcements had lower elastic modulus as compared to steel reinforcements, the
higher peak load was recorded on Specimen M2-GR. There are three reasons to explain
this result. (1) The concrete compressive strength of Specimen M2-GR (59 MPa) was
higher than that of Specimen M1-SR (38.5 MPa). (2) The beam width of Specimen
M2-GR was 200 mm, while that of M1-SR was 150 mm. (3) GFRP reinforcements did
not rupture in the tests due to its high strength. Therefore, their resistance increases
linearly with the DR and applied load, whereas the loading resistance from steel
reinforcements would not increase once they yield. In general, the results above
demonstrate that the application of GFRP reinforcements did not cause brittle failure,

thus they could be potentially applied in seismic-prone regions.
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The hybrid joint shows sufficient loading capacity and DR, compared to the monolithic
and dry joints. As shown in Fig. 5-13, the peak load of Specimen H3-GR-T200 (44.3
kN) was approximately 17% higher than that of Specimen M2-GR (37.8 kN). These
specimens had the same cross-section and reinforcements on the column and Beam A.
However, the cross-section of the CEP (200x250 mm?) on Specimen H3-GR-T200
was larger than that of the beam (200x150 mm?) of Specimen M2-GR. Therefore, the
peak load of Specimen H3-GR-T200 was greater than that of Specimen M2-GR.
However, the peak load of Specimen H3-GR-T200 was lower than that with the dry
joint D5-SR-S-T200 due to lower prestress forces in the bolts [46] and failure of the
filled concrete block (see Sections 5.3.1 and 5.3.2).

As can be seen that the CEP thickness in both hybrid and dry joints significantly
affected the loading capacity and DR. For instance, when the thickness of the CEP
reduced from 200 mm to 100 mm, the peak load decreased, approximately two times
and three times in the hybrid and dry joints, respectively. In addition, the DRs in the
push (2.5% DR) and pull (3.5% DR) directions of Specimen H3-GR-T200 were
different while those of Specimen H4-GR-T100 were 1.5% DR in both directions.
Reducing the CEP thickness in Specimen H4-GR-T100 caused more severe damage
to the CEP, whereas the damage of Specimens H3-GR-T200 was governed by the
debond failure of the infilled concrete block from the beam which therefore resulted
in the unsymmetric push and pull loading capacities (see Figs. 5-8(c) and 5-8(d)). As
a result, damage in the CEP led to the reduction of the peak load and DR of Specimen
H4-GR-T100. For Specimen H3-GR-T200, a combination of damage at the CEP and
infilled concrete block led to the reduction of the peak load. A higher DR was observed
in the pull direction (3.5% DR) as compared to that in the push direction (2.5% DR).
These DRs satisfied the requirements of CSA A23.3-07 [17] (2.5%) and ASCE 41-06
[18] (2%). Therefore, this hybrid joint is a good candidate for use in seismic-prone

regions.

For dry joints, reducing the CEP thickness to 100 mm on Specimen D6-GR-S-T100
led to a reduction of DR from 3% DR to 1.5% DR. This value (1.5% DR) was
consistent with the DR of the previous study by Sagan [14] who reported that this dry
joint type showed poor results and it could not be applied in practice. As an effort in

improving the performance, this chapter and the previous studies [2, 19, 24, 46] revised
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the design of this dry joint using FRP bolts, fibres, and geopolymer concrete under
cyclic and impact loading so that it could be well applied in practice. In general, the
CEP thickness is one of the critical parameters that govern the DR and loading capacity
of the joints and thus it is intensively investigated in the next section (Section 5.4.2)

for better understanding and optimal design.
5.4. Numerical simulation with ABAQUS software

ABAQUS software was used to build 3D finite element models of the precast beam-
column joints connected with GFRP or steel bolts, and GFRP reinforcements. The
experimental results of Specimens M2-GR, H4-GR-T100, and D6-GR-S-T100, were
used to validate the numerical model. After validating the model, an intensive
parametric study was conducted to examine the assumptions used in the analytical
model of the dry joints in Chapters 3 and 4 [24, 46]. For instance, shear stress primarily
concentrated in the middle zone of the CEP and shear failures governed the main
failure modes of the dry joints. Also, the effects of the CEP thickness on the dry joints
will be investigated in this section. The influence of the CEP thickness on the hybrid
joints is relatively similar to that of the dry joints so that it is not presented in this

chapter for brevity.
5.4.1 Description of the finite element model

The element types, material models, mesh sizes, and contact types will be briefly
presented in this section. To reduce the computational cost, the beam-column joints

were built symmetrically, as shown in Fig. 5-14.
5.4.1.1 Concrete material model

Concrete of the beam-column joints was modelled by eight-node linear brick elements
(C3D8). The main failure modes occurred at the joint area and fixed-end (see Fig. 5-
8) so a fine mesh with a size of 20 mm was applied in these areas. Meanwhile, a coarse
mesh with the size of 40 mm was used for other areas (see Fig. 5-14). It is noted that

these mesh sizes were determined based on mesh convergence tests.
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Fig. 5-14. Main components of the dry and hybrid joints; (a & b) dry joint, (c) hybrid

joint, (d) monolithic joint.

There are three popular concrete models in ABAQUS including the brittle cracking
model, smeared crack model, and concrete damage plasticity model (CDP) [153]. The
brittle cracking model and smeared crack model are usually applied for brittle
materials (e.g., brittle rocks and plain concrete) under monotonic loading [146] while
CDP has been popularly adopted in simulating reinforced-concrete structures under
both monotonic and cyclic loading [154]. CDP can well reflect the behaviours of
specimens which is governed by concrete with compression failure under cyclic
loading. For shear and tensile failures, the application of CDP to simulate the inelastic
behaviours of specimens exhibited many limitations [145, 146]. Hence, this chapter
adopts the newly developed softened damage-plasticity model by Feng et al. [145] and
Feng et al. [155] to simulate behaviours of the reinforced-concrete joints under cyclic
loading. The comparison of plain concrete and reinforced concrete under un-softening

and softening effects was respectively illustrated in Fig. 5-15.
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Fig. 5-15. The effects of compression-softening on reinforced concrete [55].

For brevity, hereafter the concrete material model with the softening effects is briefly
introduced. The constitutive relation was represented as:

o = (I — D%): Ey: (€ — €P) (5-2)

where a, |, D®, and E, denoted the Cauchy stress tensor, identity tensor, fourth-order
damage tensor corresponding to compression-softening, and fourth-order elastic
modulus tensor, respectively; e is the strain tensor including two components (elastic

part €€ and plastic part €?); the damage tensor (D*) is determined as follows:
DS =d*P* +ds P~ (5-3)
d*==1-p(1-d) (5-4)

where P* and P~ are the projection tensors; d* and d~ indicate the two damage
variables of concrete corresponding tensile and compressive performances; £ denotes

the softening coefficient and is calculated as follows.

1

B = Frseeer (5-5)

It is noted that the softening coefficient is identified based on the tensile energy

equivalent strain rather than the principal tensile strain. This model provides more
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convenience in calculations under complex multi-axial stress state and accounts for

the accumulated influence of compression-softening under reverse loading.

Moreover, the energy equivalence is proposed by Li and Ren [156] as follows:

ceq+ — [ geq- — 1 Y- -
T EE T TRaan (5-6)

where a and b, depend on the material properties; E, is the initial elastic modulus

[157]; Y * are the damage release rates and are determined as bellow:
Yt =2(6% Eg:6), Y™ = bo(aly ++/3]7)? (5-7)

where I and J; are the first invariant of the compressive effective stress ~and the
second invariant of the deviator of the compressive effective stress ¢, respectively
[1486].

The uniaxial damage evolution functions are determined as follows [155, 158]:

Tyt
1—# Xigl
dt = % (5-8)
1-——2  x¥>1

at(xt-1)2+xt

- +
+ B 4 f& 4 _ 1
xt =S pt=to o L (5-9)
€ Ege; 1-p+

where f* and e are the tensile/compressive maximum strength and the
corresponding strain; a* indicates the descending parameters that govern the shape of

the descending part of the stress-strain curves [55].

Moreover, € is calculated to improve the numerical efficiency of the model, based on
the empirical model by Faria et al. [159] and the modified model by Wu [160].

€P = bPG (5-10)

€9 > 0 (5-11)

.0

bP = EPE,H(d™)

The plastic coefficient which dominates plastic strain level is denoted by £P. The

tensile plastic strain is neglected due to its insignificant effects on the whole structural
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performance. It is noted that the above model of concrete was implemented into
ABAQUS through user-defined subroutine UMAT.

5.4.1.2 Steel and FRP material models

The GFRP longitudinal reinforcements and stirrups were modelled by truss elements
(T3D2) while C3D8 was used to model the bolts and steel plates. After conducting the
mesh convergence tests, the 20-mm mesh size was applied for these elements. Material
properties of GFRP bolts and GFRP reinforcements are presented in Tables 5-3 and 5-
4. The anisotropic elastic material model was applied for all GFRP bolts and GFRP
reinforcements in this chapter owing to the linear performance of GFRP material till
failure. For steel bolts and steel plates, the elastoplastic stress-strain material model

was used [81].
5.4.1.3 Contact mechanism

All the reinforcements were embedded inside the concrete. The surface-to-surface
contact was applied between two shear key surfaces of the beam and column with a
friction coefficient of 0.7 [81]. The spacing between the bolts and the holes on the
beams and columns of dry and hybrid joints was respectively 4 mm and 1.5 mm so the
unbonded contact was adopted. Zero friction was assumed in unbonded contact to
define the tangential behaviour between the bolts and the holes [81]. Tie constraint
contact was applied between steel plate and CEP/column surfaces and between nut and
steel plate surfaces. Also, the tie constraint contact was adopted between the filled

concrete and old concrete/steel plate surfaces.
5.4.1.4 Model validation and discussions

Using ABAQUS to simulate the performance of reinforced-concrete structures with
shear and tensile failures under cyclic loading is challenging due to the limitation of
the concrete model as reported in the previous studies [145, 146]. Hence, only the
loading-displacement relationship under the monotonic loading was simulated instead
of the cyclic loading in previous studies [7, 147, 148]. This chapter shows an
improvement compared to the previous studies [7, 147, 148] because the performances
of the dry and hybrid joints under cyclic loading could be well simulated till the peak

loads. However, inconsistent numerical results under cyclic loading conditions in the
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post-peak region were observed owing primarily to the incapability of the material
model to properly represent the post-failure performance of the concrete material
under complex stress states induced by combined bending moment and shear force.
Owing to this limitation, and also because the stress distribution and damage of
materials up to the peak loads are the primary concern in the analysis and design of a
beam-column joint, and also the primary focus of this investigation, in this chapter,
like in the previous studies [7, 147, 148], simulation of the structural performance
under monotonic loading is also carried out to obtain the loading-displacement
envelope. Hence, this chapter uses both hysteretic curves under cyclic loading up to
the peak load and envelope curves under monotonic loading to validate the accuracy
of the numerical simulation results. Afterwards, only the numerical simulation under
monotonic loading, which was computationally a lot more efficient compared to
simulations under cyclic loading, was applied to conduct parametric investigations.
The values of the ductility, DR, and loading capacity of the proposed dry and hybrid
joints could be used to evaluate the performance of these joints when applying in
seismic-prone areas. The ED derived from the results of the numerical simulation
depends on the concrete constitute model and its ability to represent concrete material
behaviour in the post-failure region under complex stress states, which is a good topic

for future studies.

The numerical model was validated with the experimental results in terms of hysteretic
loops, envelope curves, and failure modes, as shown in Figs. 5-16 and 5-17. Only the
first cycle of each DR level (2 cycles in the experiment) was applied in the numerical
simulation to reduce the simulation time. The envelope curve of Specimen H4-GR-
T100 was plotted in both push and pull directions due to the asymmetric design of this
specimen. In general, the numerical simulation well captured the peak loads, DR, and
the stiffness of the monolithic and dry joints. The differences in numerical results and
experimental peak loads ranged between 4.1% and 6.7%. For example, the
experimental peak load of Specimen D6-GR-S-T100 was 16.8 kN while the
corresponding numerical result under cyclic and monotonic loading was 17.5 kN and
17.9 kN, respectively. However, the unloading curves of the numerical simulation do
not match well with the experimental results, as shown in the red curve of Fig. 5-16
(). This limitation is attributed to the concrete model as discussed above. Multiple

cycles were applied in each level of DR in the experimental test while only one cycle
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at each DR was carried out in the numerical simulation to save computation time as
also adopted in a previous study [55]. This difference might further contribute to the
variation between the numerical and experimental results. This limitation was also
reported in previous studies [146, 161] and thus improving the concrete model that
takes into consideration the load-path effect is deemed necessary, particularly for

unloading curves.
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Fig. 5-16. Comparison of hysteretic and envelope curves between experiment and

numerical simulation results.

Although the numerical model successfully predicted the peak load in the push
direction of the hybrid joint, a higher variation (approximately 24%) was observed in
the pull direction, as shown in Fig. 5-16(c). This result is attributed to the contact

between the old and new concrete surfaces used in the numerical simulation model.
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This chapter adopted the tie constraint contact to simulate the contact between the old
and new concrete surfaces, which did not well reflect the real contact as observed in
the test. Unfortunately, no information regarding the mechanical properties of such
contact is available in the literature. The contact between old and new concrete of
different strengths needs to be improved in further studies. In addition, the simulations
of hysteretic curves of Specimens D6-GR-S-T100 and H4-GR-T100 were stopped at
the peak load with 2% and 1.5% DR, respectively, as shown in Figs. 5-16(a) and 5-
16(c) because running the full hysteretic curves was computationally very intensive,
and also because of the limitation of the current concrete material model which does

not necessarily yield good post-failure representations as discussed above.
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Fig. 5-18. Tensile stress in GFRP reinforcements: (a) dry joint and (b) monolithic

joint.

It can be seen in Figs. 5-17(a) and 5-17(b) that the numerical model successfully
captured the failure patterns of the dry joint D6-GR-S-T100. In the experimental
results, the cracks mainly developed in the middle joint of the CEP while there were
no visible cracks at the top and bottom zones. The data of strain gauges in the previous
studies [19, 46] illustrated that shear and tensile cracks governed the main failure of
this type of dry joint. This finding was consistent with the data from the numerical
model, as shown in Fig. 5-17(b). It can be seen from the numerical results that shear
stress firstly occurred in the middle zone of the CEP and then they extended. The
tensile stress of GFRP stirrups and longitudinal reinforcements did not reach their
nominal tensile strength (approximately 1,259 MPa), as shown in Fig. 5-18(a). It

means the shear failure of concrete in the middle zone of CEP governed the main
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failure of the dry joint (D6-GR-S-T100). This result is different from the findings of
the previous studies [13, 14] which adopted the model of the monolithic joint for the
precast joint and concluded that the strut-tie failure governed the main failure of this

type of dry joint.

For the monolithic specimen, the damage contours of the numerical model also well
predicted the failure modes of the monolithic specimen (M2-GR), as shown in Figs.
5-17(c) and 5-17(d). More severe damage was observed in the joint area and at the
fixed-end of the beam due to the shear stress and the bending stress/concrete crushing,
respectively. In addition, since the tensile stress of the GFRP reinforcements in the
specimens did not reach their nominal tensile strength (see Fig. 5-18(b)), concrete

governed the main failure modes of both the monolithic and dry joints.

Similar to the dry and monolithic joints, the concrete failure is the primary failure
mode of the hybrid joints. The numerical model also successfully captured the failure
patterns of Specimen H4-GR-T100, as shown in Figs. 5-17(e) and 5-17(f). The
inclined cracks appeared in the joint area due to the shear stress as illustrated in Fig.
5-17(f). In addition, the numerical results indicated that the concentrated compressive
stress caused the concrete crushing at the fix-end and the concrete spalling at the
bottom zone of the CEP (see Fig. 5-17(e)). For instance, the maximum compressive
stress of concrete at the fixed-end was 58.8 MPa which reached the compressive
strength of concrete (59 MPa). The results of numerical simulations are consistent with

the observed failures of the hybrid joint in Section 5.3.1.
5.4.2 Effect of concrete-end-plate thickness

The above comparisons between experiment and numerical simulation results have
proven the reliability of the numerical model and thus it is used to examine the effects
of the CEP thickness on the structural behaviour. The model of Specimen D6-GR-S-
T100 was used as a reference dry beam-column joint. Numerical models of six
specimens which had a similar design but different CEP thicknesses were built based
on the model of the reference specimen. The thickness of the CEP was chosen based
on the height of the beam section. The numerical model of the tested specimen D6-
GR-S-T100 was named as D7-T100, and the new numerical models with other CEP
thicknesses were named accordingly as detailed in Table 5-5.
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Table 5-5. Description of specimens built on ABAQUS.

Axial Prestress

Name Thickness CEP/Beam Reinforcements Bolts forces forces
(mm) kN)  (kN)
D7-T100 100 0.7 GFRP Steel 65 35
D8-T150 150 1 GFRP Steel 65 35
D9-T200 200 1.3 GFRP Steel 65 35
D10-T250 250 1.7 GFRP Steel 65 35
D11-T300 300 2 GFRP Steel 65 35
D12-T350 350 2.3 GFRP Steel 65 35

Note: D7-T100 is the numerical model of D6-GR-S-T100.

5.4.2.1 Failure modes

Fig. 5-19 shows the shear stress distribution of the dry joints with different CEP
thicknesses. Only the failure modes of Specimens D7-T100, D9-T200, D11-T300, and
D12-T350 were representatively shown in this figure for brevity, as shown in Fig. 5-
19. In general, the failure mode of the dry joint was shifted from the CEP area
(Specimen D7-T100) to the beam at the fixed-end (Specimen D9-T200) when
increasing the CEP thickness. However, if the CEP thickness was further increased,
the failure model changed again from the beam to the column (Specimen D11-T300).
For example, the shear failure in the middle zone of the CEP was the primary failure
modes of Specimen D7-100 (see Fig. 5-19). When the CEP thickness increased from
100 to 200 mm, the shear stress in the middle zone of Specimen D9-T200 was reduced
as compared to Specimen D7-T100 due to increasing the thickness of this section. The
flexural failure and concrete crushing at the fixed-end of the beam became the primary
failure modes of Specimen D9-T200. This result was consistent with the failure mode
of Specimen PS4 reported in the previous study [19]. When the CEP thickness was
300 mm or more, the failure shifted to the column. As can be seen clearly in Figs. 5-
19(D11-T300) and 5-19(D12-T350), higher shear stress was observed on the column,
compared to the CEP. This shear stress caused severe damage on the column while
almost no shear damage was recorded on the CEP. It means that if the CEP thickness
was sufficiently large, compared to the section’s height of the beam and the column,
the design principle of the strong column-weak beam may not be satisfied. Therefore,
the CEP thickness needs to be carefully chosen in the design process to avoid making

the column the weaker component in the structure.
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Fig. 5-19. Shear stress distribution on dry joints with different CEP thickness.

Fig. 5-20 illustrates the principal compressive stress flow of the typical specimens. The
distribution of all compressive, tensile and shear stresses in the CEP of the dry joint
was very complicated. Fig. 5-20 only shows stress flow of the compressive stress for
demonstration. The compressive stress in the middle zone of the CEP was quite small
which did not reach the compressive strength of concrete. Therefore, there was no
compressive strut failure as suggested in the previous studies [13, 14]. For instance,
the maximum compressive stress of concrete in the middle zone of Specimens D7-100
and D9-200 was 16 MPa and 19 MPa (see Figs. 5-20(D7-T100) and 5-20(D9-T200)),
respectively which is significantly lower than the compressive strength of concrete
(38.5 MPa). Hence, the compression strut failure did not occur in these specimens. In
addition, high compressive stress was observed in the top and bottom zone of the CEP
due to the effect of the prestress forces of the bolts. Steel spirals were utilized in these
locations in the previous study [19] but the capacities of the dry joint were not
improved because the failure was not governed by compressive concrete at these
regions either. The compressive stress in the top and bottom zones of CEP (e.g., 26
MPa in Specimen D9-T200) was lower than the nominal compressive strength of
concrete. This finding explains why steel spirals were not useful in this case. For the
compressive stress flow on the column of dry joints, the stress distribution was
observed as in the joint area of the monolithic joint. A compressive strut was generated
in the column of the dry joint due to the compressive forces at the anchor of the bolts
and at the bottom left of CEP, as illustrated in Fig. 5-20. Interestingly, when the CEP
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thickness reached 300 mm, the direction of stress flow altered with no compressive
strut in the middle zone of CEP due to changing the failure mode from the beam to the

column.

Monolithic S, Min. Principal
S, Min. Principal =5 1 +_{2,7%74£e+0%0
+3,929+00 1 Je -3.794e+ f
7.176e+00 e 3 eaaeth0
[ “1:828e+01 ERe ooy
2.93%+01 -2.7256+01
4.049e+01 -3.312e+01
5.160e+01 -3.808e+01
L -6.270e+01 -4.485e+01
-7.381e+01 -5.071e+01
L -8.,4920+01 -5.658e+01
- —?.3%9’3; -6.244e+01
. e+ - %
- -1.071et02 6.831e+01
L -1.293e+02
S, Min. Principal S, Min. Principal
+1.712e+00 +1.721e+00
-5.273e+00 -4.729e+00
} g%z+8{ B 11180401
H . :
2.623e+01 - E -5:53%13}
3.321e+01 3.053e+01
4.020e+01 3.698e+01
4.718e+01 H
4.343e+01
5.417e+01
6.115e+01 4.988e+01
6.814a+01 3.633e+01
7.512e+01 6.278e+01
8.211e+01 6.923e+01
-7.568e+01

Fig. 5-20. Principal compressive stress flow.

5.4.2.2 Peak load and drift ratio

The CEP thickness significantly affects both the peak load and DR (see Fig. 5-21). As
mentioned in the introduction section, this dry joint was proposed based on the
previous study of Sagan [14] who reported that its DR and energy absorption were
inadequate. The 1.5% maximum DR value recorded in the previous study [14] was
consistent with DR of Specimen D6-GR-S-T100 in the pull direction. In the first stage
of our project, the CEP thickness was intentionally increased up to 200 mm, which
was thicker than the CEP thickness of Specimen DB-TC in Sagan [14]. As a result, the
maximum DR increased from 1.5% to 3.0% as reported in the authors’ previous studies
[19, 46, 141], which satisfied the requirements of many standards (e.g., CSA A23.3-
07 [17] (2.5%) and ASCE 41-06 [18] (2%)) for using in seismic-prone areas. The DR
of Specimen D9-T200 (3.5%) in the numerical simulation was slightly higher than the
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result of the previous studies (3%) [19, 44] because GFRP reinforcements were used
to replace steel reinforcements which led to an increase of the DR, as explained in the

monolithic specimen of the above section (Section 5.3.4).

60
50
---------- EXP (D6-GR-S-T100)
40 R — === EXP (M2-GR)
_ 30 D7-T100
=z
x : D8-T150
- 20 Experiment
o D9-T200
S
10 D10-T250
0 D11-T300
D12-T350
-10
-20

5 4 3 2 1 0 1 2 3 4 5 6 7 8
Drift ratio (%)

Fig. 5-21. Comparison of the peak load and drift ratio.

As mentioned in the previous section, increasing the thickness of the CEP results in
improved performance of the precast joint, but further increasing the CEP thickness
may lead to an adverse effect. As indicated in Fig. 5-21, there was an optimal value of
the CEP thickness of approximately 200 mm. Based on the numerical results, the ratio
of CEP/Beam= 1.3 (200-mm CEP thickness) was the optimal value of the dry joint in
this chapter. For instance, Specimen D9-T200 reached 3.5% DR while increasing the
CEP thickness up to 250, 300, and 350 mm caused a reduction of DR to 3.2%, 2.9%,
and 2.6%, respectively. This reduction is attributed to changing of the failure modes
from the joint and the beam to the column because the CEP made the beam and joint
strong. The peak loads of the precast joints increased with the CEP thickness. For
example, when the CEP thickness was increased from 100 mm to 150, 200, 250, 300,
and 350 mm, the peak load also steadily increased from 17.8 kN to 28.5, 40.3, 45.7,
51.1, and 55.3 kN, respectively. Meanwhile, both the peak load and ductility need to
be considered in the structural design under seismic loading. If a structure achieves a
very high peak load but shows a brittle failure, it is not suitable for use in seismic-
prone regions. Based on this perspective, the dry joint with the 200-mm CEP thickness

was the best option in this chapter because it achieved the highest DR, compared to
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other dry joints. Moreover, the peak load of Specimen D9-T200 (40.3 kN) was higher
than that of the corresponding monolithic joint M2-GR (37.8 kN) as shown in Fig. 5-
21. Therefore, the thickness ratio of CEP/Beam= 1.3 could be considered in the design
of this dry joint type. More studies are deemed necessary to enhance the understanding

and further confirm this suggestion.
5.5 Summary

A new kind of hybrid joint was proposed in this chapter to improve the design of the
dry beam-column joint with a bulky CEP. The performances of the hybrid and dry
joints were experimentally and numerically investigated. The main findings can be

summarised as follows:

1. The hybrid joint showed sufficient capacities, compared to the monolithic
joint. The energy dissipation and the peak load of the hybrid joint were approximately
57% and 17% higher than the reference monolithic joint, respectively. In addition, the
lowest DR reached 2.5/3.5% for push and pull directions which satisfies the
requirements of CSA A23.3-07 [17] (2.5%) and ASCE 41-06 [18] (2%) for use in

seismic-prone regions.

2. Based on the experimental and numerical simulation results, the CEP
thickness significantly affects the dry and hybrid joint performances, such as failure
mode, DR, peak load, and ED. In addition, the numerical simulation results suggested
that the thickness ratio of CEP/Beam= 1.3 was an optimal value of the CEP thickness

which could be considered in the design of this dry joint type.

3. GFRP bolts and reinforcements could replace the steel bolts and
reinforcements to mitigate corrosion damage. The application of GFRP in this chapter
provided not only ductile failure but also the great centring capability (smaller residual

displacement).

4. The application of the modified concrete model well captured the failure mode
and the peak load of the precast joint with a marginal variation of 4.1-6.7%.

5. The numerical simulation results illustrated that the shear and tensile stress in

the middle zone of CEP mainly governed the joint failure of the dry joint. Therefore,
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the assumption in the analytical model in Chapters 3 and 4 [24, 46] was numerically
confirmed.

In conclusion, this chapter proposes an alternative for designing precast concrete
structures which could not only reduce the construction cost but also offer more

convenience in applying new technology into the construction sector.

180



CHAPTER 6: PERFORMANCE OF MONOLITHIC AND DRY
JOINTS WITH GFRP BOLTS REINFORCED WITH DIFFERENT
FIBRES AND GFRP BARS UNDER IMPACT LOADING

ABSTRACT®

This chapter investigates the performance of monolithic and newly proposed dry
beam-column joints using GFRP bolts, GFRP reinforcements, and different types of
fibres subjected to pendulum impact. Six specimens were cast and tested with
increasing impact velocity until failure. The experimental results have shown that the
proposed concrete dry joint reinforced with fibres and GFRP bars showed better
behaviour in terms of energy dissipation (up to 51%), reduced damage level, and
reduced maximum and residual displacement as compared to the monolithic joint with
GFRP reinforcements. The test results suggested that steel bolts and steel
reinforcements could be effectively replaced by GFRP bolts and GFRP reinforcements
to mitigate the corrosion problem while still satisfy the design requirements for beam-
column joints in both strength and ductility. Furthermore, the use of steel fibres (StFs)
demonstrated impressive performance in the critical indices such as damage level and
displacement at high impact energies, compared to synthetic fibres (SyFs). Meanwhile,
the application of SyFs led to greater energy dissipation than that of StFs (between 6-
30%). The proposed dry joints could be potentially applied in practice to reduce the

construction costs and the damaged/deteriorated components would be easily replaced.

® This work was published in Engineering Structures with the full bibliographic
citation as follows:

Ngo TT, Pham TM, Hao H, Chen W, Elchalakani M. Performance of monolithic and
dry joints with GFRP bolts reinforced with different fibres and GFRP bars under
impact loading. Eng Struct 2021;240:112341.
https://doi.org/10.1016/j.engstruct.2021.112341
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6.1. Introduction

Disasters related to impact and blast loads, which usually occur suddenly without any
warnings, have threatened the human life worldwide. Surprisingly, there is still a lack
of standards for structural designs against these loads. The performances and failure
patterns of structures under impact and blast loading are different with those under
static and earthquake loading. For example, flexural cracks governed the main failure
of beams under static loading while shear cracks caused the failure of the identical
beams under impact loading due to high loading rates [48-50]. Consequently, the
current standards for static and earthquake loading could not be applied to design
structures against impact and blast loads. For instance, drift ratio (e.g., 3.5% in ACI
T1.1-01 [16] and 2.5% in CSA A23.3-07 [17]) is a crucial parameter to evaluate the
performance of buildings under earthquake loading. This parameter, however, is not
suitable to assess the performance of buildings under impact or blast load because local
damage could govern the structural damage instead of the global structural responses.
In other words, structures may suffer from local damage which may trigger a
progressive collapse of the structure although other parts of the structure are not
directly impacted by blast and impact load. Therefore, there is a need to better
understand the impact behaviour of reinforced concrete (RC) structures, in particular
in this chapter RC joints and develop design procedures for RC joints against impact

and blast loads, which are still unavailable in current standards.

Due to the limitation of the equipment, software, and dynamic material model, there
is limited research investigating the responses of structural components, especially
beam-column joints under impact loads. Most of previous studies related to impact
loading heavily focused on beams or columns. Pham and Hao [50] and Cotsovos [162]
reported that there was a time delay between the impact forces and reaction forces on
a simply-supported beam owing to the effects of stress wave propagations, and the
impact force was balanced primarily by inertial resistance of the beam before the
reaction force was activated. In addition, Pham et al. [163] illustrated that the contact
stiffness and local stiffness significantly affected the peak impact forces of concrete
beams. The local responses dominated the beam behaviour if the impact energy was
sufficient in impact events [164]. Li et al. [165] conducted numerical simulations with

LS-DYNA software on five common geometries of the drop hammer and two different
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interlayers (i.e., steel plate and rubber pad). The results highlighted that the impact
forces and failure modes on the beams were considerably affected by the shapes of the
drop hammer and material properties at the impact point. These studies revealed that
many parameters can significantly affect the impact responses of RC beams. Further
researches are needed to better understand the performances of RC beams under
different impact scenarios and develop safe and economic procedures for design of RC

beams against impact loads.

Meanwhile, owing to urbanization, bridge construction is experiencing rapid growth.
During their service life, bridges can be threatened by collision events from, e.g.
vehicle impact, ship impact or falling rock impact. Hence, many studies have focused
on bridge columns under impact loads. Sha and Hao [166] carried out both
experimental and numerical investigations on the performance of the monolithic
circular RC piers under impact load. It was reported that the impact velocity
significantly affected the peak impact forces whereas the impactor mass dominated the
impact duration of the column. Additionally, studies of the impact responses of precast
segmental columns using unbonded tendons and shear keys have also been reported
recently [167-169]. The results from the experiments and numerical simulations in
these studies suggested that the use of shear keys effectively decreased the lateral
slippage between segments and militated the residual displacement. Pham et al. [170]
investigated impact responses of rubberized concrete columns. The experimental
results indicated that the application of rubberized concrete decreased the peak impact
forces by approximately 27-40% but increased the energy absorption from 58 to 63%,
compared to the reference specimens. In addition, increasing the prestress forces did
not increase the impact forces of the segmental column under impact loading [167].
On the other hand, only one study [51] can be found in the open literature that evaluates

the performance of RC beam-column joints under impact loads.

Beam-column joints play an important role in RC frame structures. They are
vulnerable structural components under impact loading [171]. Beam-column joints can
be classified into four types including monolithic joints, wet joints, dry joints, and
hybrid joints. Recently, dry beam-column joints in prefabrication construction attract
increasing interest because they offer various advantages such as reducing the

construction costs, efficiently applying the new construction materials and
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technologies (e.g., geopolymer, fibre reinforced concrete, and 3D printing), easily
replacing and recycling damaged components for resilient structures. Nevertheless,
there remain a limited number of studies focusing on the dry joints in the open
literature. A few studies [10-12] investigated the dry joints under cyclic loading using
unbonded steel tendons to connect beams and columns. The disadvantages of this dry
joint type are that the uncovered steel tendons are very vulnerable to corrosion and
damaged components are difficult to be replaced. To resolve these limitations, Chapter
2 proposed a new dry joint type using CFRP bolts and concrete-end-plate (CEP) which
possess great corrosion resistance, convenient setup, and good behaviour under
earthquake loading. For beam-column joints under impact and blast loading, only two
studies [51, 52] investigating monolithic beam-column joints can be found. To
generate impact forces, a projectile was used with an intermediate-velocity of 30-34
m/s. Aluminium honeycomb core was applied in the previous study [51]. It was found
that the application of the honeycomb sandwich plate absorbed a large amount of
impact energy (49%) compared to specimens without the honeycomb plate. There has
been no available research investigating dry joints under impact loads in the open
literature yet. Therefore, it is imperative to investigate the performances of dry RC
joints subjected to impact load in order to apply such joints in structures that impact

load is a design loading case.

As mentioned previously, this project aims to propose a new joint type that can yield
multiple advantages, such as construction efficiency, resilience, and environmental
sustainability and multi-hazards resistance. The project was divided into three stages.
The first stage successfully proposed a new dry joint type with concrete-end-plate
(CEP) and CFRP bolts which are corrosion resistance, simple to construct, easy to
replace the damaged components, and are cost-effective. The performances of the
proposed dry joint under cyclic loading have been studied and their potentials for
application in structures in seismic regions have been demonstrated [19, 44, 141]. An
empirical model to design this new dry joint was also proposed in Chapters 3 and 4
[24, 46]. This chapter carried out pendulum impact tests to investigate the
performances of the proposed joint subjected to impact load and compare the responses
with conventional monolithic joints. In the chapter, the effectiveness of using two
types of fibres, namely steel fibres (SyFs) and synthetic fibre (StFs) on enhancing the

performances of the joints to resist impact loads was also investigated. It is worth
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mentioning that this is the first study of the impact responses of fibre reinforced RC
monolithic and dry joints with GFRP reinforcements and GFRP bolts subjected to

impact loading.
6.2 Experimental program

In this chapter, six 1/3-scale beam-column joints of an eight-floor building [19] were
designed and cast at the structural laboratory in Curtin University. These six scaled
specimens, including 3 monolithic joints (namely M1-NF, M2-1SyF-48, M3-1StF-35)
and 3 dry joints (namely P4-NF, P5-1SyF-48, and P6-1StF-35) were labelled based on
their characteristics as presented in Table 6-1. The first term denoted the joint types
(M-monolithic and P-precast). The second term denoted the volume fraction of fibres
(i.e. 1%) and fibre types (synthetic vs steel fibres). The fibre length was presented in
the last term. In this chapter, only one specimen was used to investigate one parameter
due to its cost and complexity of impact tests. A pendulum impact system was used to
generate impact forces onto the beams. Details of the specimen designs, test setups,

and material properties are described in the subsequent sections.

Table 6-1. Descriptions of the prepared specimens

Names Joint Types Volume Fraction Fibre Fibre Length
of Fibres, V¢ (%) Types (mm)
M1-NF Monolithic N/A N/A N/A
M2-1SyF-48  Monolithic 1 Synthetic 48
M3-1StF-35 Monolithic 1 Steel 35
P4-NF Dry N/A N/A N/A
P5-1SyF-48 Dry 1 Synthetic 48
P6-1StF-35 Dry 1 Steel 35

Note: N/A = Not applicable.
6.2.1 Details of beam-column joints and test setup

Details of the geometries and reinforcements are shown in Figs. 6-1 and 6-2. Since
there were no specific standards to design beam-column joints under impact loading,
this chapter adopted the design from the previous studies under cyclic loading [19, 24,
46] with improvement in the design of all the specimens. While the prior studies used

150-mm beam width, the beam width in the present chapter was 200 mm, which
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ensured that the beams of precast joints were easily fabricated to the column due to the
same width. The monolithic joints had similar dimensions of the precast joints to
enable relatively valid comparisons between these two joint types, except the CEP in
the precast specimens. The dimensions of the beams were 200-mm width, 150-mm
height, and 820-mm length whereas those of the columns were 200, 200, and 1280
mm, respectively. The beams of the dry joints included two parts, namely Beam A
(200x150x620 mm?) and CEP (200x350x200 mm?), as illustrated in Figs. 6-1 and 6-
2. The dimensions of the CEP were larger than those of Beam A to accommodate the
bolts and nuts. The strong column-weak beam philosophy was adopted to design the
exterior beam-column joints. Furthermore, steel reinforcements used in the previous
studies [19, 24, 46] were replaced by GFRP reinforcements in this chapter.
Considering the mechanical properties of GFRP reinforcements were different from
those of steel reinforcements, ACI 440.1R-15 [152] was adopted when designing all
the specimens. It is noticed that the shear strength of the GFRP bars is significantly
lower than that of steel bars and shear failure usually governed the main failure of
specimens under impact tests [48, 49]. As a result, the spacing of the spiral stirrups in
the column and Beam A was reduced from 70 to 35 mm, compared to the spacing of
the individual stirrups in the previous studies [19, 46]. Meanwhile, the spacing of spiral
stirrups (70 mm) in the CEP was kept the same as in the previous studies to ensure a
reasonable comparison in the result and discussion sections. Moreover, two kinds of
fibres (i.e., StFs and SyFs) were also utilized as an attempt to improve the joint
performances. Details of these fibre types are presented in Section 6.2.3.
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Fig. 6-1. Details of monolithic specimen (Left) and precast specimen (Right) (unit:

mm).

Column _ Impact point

Strain gauges : Beam

T

GFRP spiral stirrup

Impact point

sy ....‘J“”n“

ACRY ¥
i’%ﬂ Strain gauges

Concrete-end-plate

Fig. 6-2. Details of reinforcements, shear keys, and the test specimens.
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Fig. 6-3. Setup for applying prestress for GFRP bolts.

The beam was connected to the column using 4 GFRP rock-bolts with a diameter of
25 mm. GFRP bolts were applied with a higher prestress force up to 30 kN compared
to only 6.5-10.5 kN in the previous studies [19, 24, 46]. The disadvantage of not being
able to apply large prestress force for FRP-bolts was resolved with the design of a chair
and a hydraulic jack, as illustrated in Fig. 6-3. The prestress force on the GFRP bolts

was measured by load cells.
6.2.2 Pendulum impact system and data acquisition system

Fig. 6-4 shows the pendulum impact system and all measuring equipment used in the
impact tests. The pendulum impact system consists of three parts including the hinge
support, pendulum arm, and impactor. A square hollow steel tube (75x75x6 SHS
C450) was selected to make the pendulum arm. A large steel frame was rigidly fitted
on a strong floor to support all the test equipment. The top of the pendulum arm was
connected to the frame with the hinge support while an adjustable 500 kg-steel
impactor was placed at the bottom of the pendulum arm. The impactor head was made
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of a steel cylinder of diameter 50 mm with a hemispherical nose of diameter 1 m. The
length of the pendulum arm was 2,265 mm. A 360° protractor was used to measure the
angle when lifting the impactor to the desired height by a 1.5-Ton winch. Afterwards,
the impactor was released to collide the beam at the height of 360 mm from the column.
The impact point was chosen to be the nearest to the joint area so that the most
unfavourable case of joint performances could be investigated. The impact velocity in
the tests was gradually increased till the specimen failure. Fig. 6-5 illustrates the
impact velocities and the corresponding angles of the pendulum arm progressively
applied in the tests on different specimens. After each impact, the impactor was pulled
back immediately to avoid subsequent impacts on the beam.
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Fig. 6-4. Test setup for pendulum impact tests.

A 500-kN dynamic load cell was attached to the pendulum system to measure the
impact forces. The calibration factor of this load cell was 2,080 Ton/volt. Five strain
gauges (SGs) were utilized to monitor the strain of reinforcements and concrete on the
CEP (see Fig. 6-2). The dynamic load cell and all SGs were connected to a data
acquisition system with a sampling rate of 50 kHz. Other five load cells to measure
the reaction forces at the top and bottom of the column, axial tensile forces in the GFRP
bolts, and axial force on the column were connected to another data acquisition system
with a sampling rate of 5 kHz (see Fig. 6-4). A prestress force of 30 kN was applied to
all GFRP bolts. Meanwhile, according to the previous study of Antonopoulos and
Triantafillou [79], applying high axial force on the column top improved the capacity
of the joints. Therefore, a low axial force of 65-kN (= 0.03 Acfc) was adopted in this

chapter to minimize the beneficial effects of axial force on the capacity of the joints.
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Notes: Bars indicate the angle sequence (i.e., 30 °, 40 °) of the pendulum impact tests

in this chapter.
Fig. 6-5. Impact velocity in the tests.

A high-speed camera (HSC) was used to monitor the displacement and failure progress
of the beam-column joints. This camera was set to capture 20,000 frames per second.
Tracking points were glued to the dynamic load cell and the surface of the beams with
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a spacing of 100 mm to track their velocity and displacement. To provide intensive
light for the HSC, 6 LED lights were used in the tests. After finishing the tests, a digital
image correlation software (DIC) was utilized to process the data from videos of the
HSC.

6.2.3 Material properties

GFRP reinforcements were sponsored by Pultrall Inc [151] for this study. The size of
the longitudinal reinforcements and spiral stirrups were #5 (17.1 mm) and #3 (10.5
mm), respectively. More details of the GFRP reinforcements are tabulated in Table 6-
1. Table 6-2 presents the properties of two fibre types (i.e., Synthetic Vinyl
Polypropylene fibres (SyFs) and hook-ended (3D65/35BG) steel fibres (StFs)). These
two types of fibres were respectively sponsored by BarChip Pty Ltd [172] and BOSFA
Pty Ltd [173]. Ready-mixed concrete was sorted from a local supplier for casting all
the specimens. The compressive strength and tensile strength of plain concrete at 28
days were 59 MPa and 4.2 MPa, while the corresponding strengths of StF reinforced
concrete (SFRC) were 63 MPa and 7.3 MPa, respectively. Lower compressive strength
(62.5 MPa) and tensile strength (6 MPa) were recorded on SyF reinforced concrete
(SyFRC), compared to SFRC. For SFRC and SyFRC mixtures, 1% volume fraction of
fibres were added to the ready-mixed concrete and mixed again by a concrete mixer in
the lab before pouring into the specimens. GFRP bolts and nuts were supplied by Bluey
Pty Ltd [150]. The maximum capacity of GFRP bolts was governed by the maximum
strength of the nuts. For example, the ultimate load of GFRP thread bars was more
than 350 kN while the corresponding number of the nuts was only 70 kN. As a result,
the nominal strength of the bolt-nut was 70 kN and the prestressing force of 30 kN was
used for these specimens. More information provided by the manufactures is
summarized in Tables 6-2, 6-3, and 6-4. The photos of StFs, SyFs, GFRP bolts, and
GFRP spiral stirrups are shown in Fig. 6-6.

Table 6-2. GFRP reinforcement properties.

Nom.

Bar dia Fu fu Fy 'y Qs Fsn Es Area Notes
sizes (mrﬁ) (kN)  (MPa) (kN) (MPa) (kN) (MPa) (MPa) (mm?)
#3 105 89.7 1259.2 423 593  33.6 2358 53485 87 Stirrups
Longitudinal

#5 17.1 2689 1358.3 1324 668.8 825 2085 53819 230 -
reinforcements
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Note: Fyand fy = Load at the break and tensile strength of the straight portion,
respectively.
F’y and f'y = Load at the break and tensile strength of the bent portion,
respectively.
Qsh and fsn = Load at the break and transverse shear strength, respectively.

A TR e e ey

Wb RN '“M“hﬂﬁm&“%‘ Lot R

Fig. 6-6. Photos of (a) StFs; (b) SyFs; (c) GFRP bolts and nuts; and (d) GFRP spiral

stirrups.

Table 6-3. Details of two types of fibres.

Fibres Diameter Length Tensile Strength  Density Modulus

(mm) (mm) (MPa) (g/cm®) (GPa)
Steel fibre 0.55 35 1,345 7.8 210
Synthetic fibre 0.85 48 640 0.9 12
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Table 6-4. Details of GFRP bolts and nuts.

Tensile . ]
] Shear Shear Ultimate Elastic )
Diameter Stress @90° @50° Load  Modulus Weight
Names Area

(mm) (mm?  (kN)  (kN)  (kN)  (GPa) (kg/m)

Bolt 25 346 170 345 > 350 60 0.9

Nut 25 N/A N/A N/A 70 60 N/A

Note: N/A = Not applicable.
6.3 Experimental results and discussion

This section presents the performance of two joint types and the effects of two kinds
of fibres under impact loading, followed by the discussions with respect to the
deformation, crack development, and failure modes. Other important parameters, such
as the impact forces, reaction forces, displacements, and energy dissipation are also
presented.

6.3.1 Comparisons between monolithic joint and proposed dry joint

The impact performance of the proposed dry joint under impact loading will be
presented through comparisons with the corresponding monolithic joint. For more
convenience in the data analysis, the dynamic behaviour of all the specimens in this
chapter was divided into three main stages, as shown in Fig. 6-7. Stage 1 was
determined when the dynamic load cell stroke the beam and reached the peak impact
force. Afterwards, the impact force reduced to almost zero. The second stage was
defined from the end of Stage 1 to the moment when the load cell collided with the
beam again and the impact force increased. After that, the impact force decreased again
to zero. Stage 3 commenced when the beam was under free vibration and then rested

in the stationary position.
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Fig. 6-7. Typical impact responses of joints with 3-stage classification at the impact

point.

6.3.1.1 Deformation of beams and crack development

The beam displacement of Specimens M1-NF and P4-NF at the impact velocity of 2.5
m/s was almost similar as illustrated in Fig. 6-8. For brevity, hereafter the impact
velocity is briefly written. For example, the impact velocity of 2.5 m/s was denoted as
2.5 m/s. These specimens showed local response dominated with the large
displacements at the impact point (360 mm), which were observed in Specimens M1-
NF and P4-NF at 2 ms and 2.5 ms, respectively. This phenomenon was different from
the displacement of the specimens in the previous studies focusing on cyclic loading
[19, 24, 46]. A horizontal crack appeared at 0.8-1.1 ms on the rear face of the beam
behind the impact point after the loading head collided the beam. The inertial forces
of the beam, which were distributed throughout the beam body, resisted the lateral
displacement of the beam as soon as the loading head touched the beam surface and
the beam tended to move. Therefore, the above horizontal crack on the rear face of the
impact point was formed owing to the bending of the beam which induced the large
displacement at the impact point. When the impact force overcame the inertial force,
the displacement of two joint types shifted to the first mode of the cantilever beam
with the largest displacement at the free end from 5 ms. Afterwards, the beams had a

tendency to rebound to its original position after the end of the impact process (see
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Fig. 6-8). The speed of the beams’ rebounding to their original position depended on
the natural frequency, damage level and interaction with the impactor. A similar
displacement response was observed for all the other specimens and was not presented

here for brevity.
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Fig. 6-8. Beam lateral displacement of (a) Specimens M1-NF and (b) P4-NF at 2.5

m/s impact.

In general, the trend of crack development of the two joint types was similar. Most of
the main cracks appeared in the first and second stages of the impact process. The
cracks occurred firstly at the impact point and then propagated to the fixed-end and
joint area. The horizontal crack occurred immediately on the rear face of the beam at
the impact point (t = 0.8-1.1 ms) because of the local bending. Afterwards, when the
impact force overcame the inertial force, the top of the beam started to deflect to the
left and the beam was bent due to the effects of the impact force. The joint performance
shifted from the local responses to the global behaviour which caused the flexural

cracks at the fixed-end and inclined cracks at the joint area.

Under 2.5 m/s impact, the first cracks at the impact point of Specimens M1-NF and
P4-NF were similar, which were observed at 1.1 ms and 0.8 ms, respectively.
However, the second cracks occurring at the fixed-ends were different. For Specimen
M1-NF, a horizontal flexural crack occurred at the fixed-end whereas an inclined crack
was observed in the joint area of Specimen P4-NF (Figs. 6-A1(1.5ms) and 6-A1(1.7
ms) in the appendix). This phenomenon was attributed to the effects of the lever arm.
The lever arm from the impact point to the fixed-end of the monolithic specimen (360

mm) was longer than that of the precast specimen (160 mm) because of the CEP. This
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led to a higher bending moment causing the horizontal flexural cracks at the fix-end
of Specimen M1-NF. For Specimen P4-NF, due to the closer distance from the impact
point to the fixed-end, shear stress reached the ultimate shear strength before flexural
stress reached the ultimate flexural strength. Consequently, the shear stress could
potentially cause the above-inclined cracks at the joint area. From 9.3 to 9.6 ms, more
inclined cracks developed on the joint areas of both the joints. However, the directions
of these inclined cracks were different, as reflected by the green cracks of Figs. 6-
A1(9.3 ms) and 6-A1(9.6 ms) in the appendix. The inclined cracks in the joint area of
Specimen M1-NF were a result of the diagonal strut mechanism as explained in the
previous studies [46, 174] whereas shear and tensile stress caused the inclined cracks
of Specimen P4-NF [19]. Additionally, no concrete crushing was observed on
Specimen P4-NF while concrete crushing occurred at the fixed-end of Specimen M1-
NF at 11.9 ms due to the larger displacement of the beam of Specimen M1-NF and
thus higher compressive stress at the fixed-end, compared to that of Specimen P4-NF.

When the velocity of the impactor increased to 3.3 m/s, more shear cracks on Beam
A, which occurred initially from the edges of the loading head surface 45° toward the
fixed end, were observed on Specimen P4-NF, compared to the shear cracks on the
beam of Specimen M1-NF. The reason for this difference will be explained in the next
section of failure modes (Section 6.3.1.2). For Specimen M1-NF, a yellow crack on
the face of the concrete crushing zone appeared at 12.8 ms, and then it developed to
200-mm length of the beam (Figs. 6-A1(16.1 ms) and 6-A1(31.3 ms) in the appendix).
This crack induced spalling of concrete in the concrete crushing zone at the second
impact with the velocity of 3.3 m/s (denoted as 3.3v2 m/s). Due to the significant
flexural bending, the beam of Specimen M1-NF was bent and rotated with the left
corner crushed against the column. As a result, the above crack indicated in yellow in
the figure was generated. It is interesting to note that although large displacement was
observed at the beam top (e.g., up to 103 mm (drift ratio = 12.9%) of Specimen M1-
NF subjected to the 3.3 m/s impact), the beam of both the specimens almost rebounded
back to its original position after the 2.5 m/s and 3.3 m/s impacts due to the linear
behaviour of GFRP reinforcements and GFRP bolts. It implies that the use of GFRP
reinforcements and GFRP bolts did not cause brittle failures of the joints under impact
loading and they possess the good recentring capability. Both the specimens could

survive the second 3.3 m/s impact. The second 3.3 m/s impact did not generate new
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cracks but existing cracks were further extended and widened, which led to the large
damage of the specimens after the second 3.3 m/s impact. The crack development of
these specimens corresponding to the second 3.3 m/s impact will be presented in
Section 6.3.1.2.

6.3.1.2 Crack patterns and failure modes

The maximum recorded tensile force (56 kN) of GFRP bolts in Specimen P4-NF did
not reach their nominal tensile strength of the nuts (70 kN). Therefore, no GFRP bolt
failure was observed during the tests. It is noted that the shear keys were adopted for
all the precast specimens. Consequently, a combination of the shear keys and friction
between two surfaces effectively mitigated the slips between the beam and the column,
although there were no corbels or brackets in this dry joint. No failure on the shear
keys was observed during the tests. In addition, there have been no analytical models
to estimate the ultimate capacity of beam-column joints under impact loading in the
open literature. Hence, there is neither definition nor criterion to quantify the failure
of RC beam-column dry joint yet. This study based on the maximum displacement,
residual displacement, and crack observation during the test classified the failure
modes into four damage levels including minor damage (1), moderate damage (I1),
severe damage (I11) and failure (IV). Level | was identified with minor cracks at the
impact point and the fixed-end. Level Il was associated with the concrete crushing,
flexural crack at fixed-end and some minor cracks at the joint area. Level Il
corresponded to major concrete spalling, concrete crushing and shear damage at fixed-
end. Large displacement and residual displacement were recorded at this level. Level
IV was identified when the beam could not rebound back to its original position with
a significant residual displacement. Fig. 6-9 illustrates the critical damage patterns of
both the joint types under the impact. For comparison, damage modes of the similarly
designed joint under cyclic loading obtained in previous studies [19, 46] are also
shown. In general, both Specimens M1-NF and P4-NF showed severe damage (Level

I11) when subjected to the second 3.3 m/s impact.
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Fig. 6-9. Comparison of damage modes (Specimens M1-NF vs P4-NF; Impact
loading vs cyclic loading).

In general, the main failure modes of the monolithic joint under impact and cyclic
loading were relatively similar while those of the dry joints were quite different. For
the monolithic joint, the concrete crushing and flexural cracks at the fixed-end
governed the main failure patterns of this joint type under impact and cyclic loading.
The monolithic specimen failed at the beam when subjected to either impact or cyclic
loads, as shown in Figs. 6-9(a) and 6-9(d). However, some differences in the
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performance of the monolithic joint under impact and cyclic loading were observed
regarding the crack types and damage levels. As reported in the previous study [46],
no shear cracks occurred on the beam during the cyclic test while a shear crack (red
line) was observed from the impact point to the fixed-end, as depicted in Fig. 6-9(a).
It means that the shear mode also affected the damage of the monolithic specimen,
although the beam was designed with very strong shear resistance (35-mm spacing of
stirrup). In addition, a large vertical crack indicated in yellow, which appeared at the
compressive zone, induced the intensive spalling of concrete in this area (see Figs. 6-
9(a), 6-9(b), and 6-9(c)). This crack was induced by the reflected tensile stress wave
in the beam generated by the impact load. A comparison between Figs. 6-9(a) and 6-
9(d) reveals that the monolithic joint under impact loading showed severe local
damage with more concrete crushing and spalling, compared to that under cyclic
loading. This phenomenon is attributed to the shear dominant mechanism and large
deformation of the beam, as well as impact load induced stress wave propagation [164,
175]. In addition, the compressive strain of the equivalent strut in the joint area was
quite small (-284 ue) which did not reach the ultimate compressive strain of concrete.
Therefore, no failure due to the compression strut occurred at the joint area of
Specimen M1-NF.

By contrast, the failure modes of the dry joint under impact and cyclic loading showed
some discrepancies. For example, although the crack patterns on the CEP in the cyclic
and impact tests were analogous, intensive shear damage was only observed on the
beam under impact loading. The intensive impact force caused this local shear damage
around the impact point [164]. In addition, the tensile strain of concrete at the middle
zone of the CEP (618 pe) exceeded the ultimate tensile strain of concrete (116 pe). It
is noted that the ultimate tensile strain of concrete was determined based on its tensile
strength (fet) and Young’s modulus [46]. It means the dry joint failed at the joint area
under cyclic loading while a combination of joint and beam damage was observed

under impact loading.

Figs. 6-9(a) and 6-9(e) show the main damage modes of the monolithic vs precast
joints under impact loading. More severe damage above the fixed-end of Specimen
P4-NF was observed during the test, compared to that of Specimen M1-NF. This

phenomenon could be explained by two reasons: (1) The cross-section of the CEP
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(200x350 mm?) was larger than that of the beam (200x150 mm?) so the CEP was stiffer
than the beam. (2) The beam length from the impact point to the fixed-end of Specimen
P4-NF was shorter than that of Specimen M1-NF because of the existence of CEP.
The above two reasons led to higher stress concentration along the shorter beam of
Specimen P4-NF, compared to that on the longer beam of Specimen M1-NF. As a
result, severe damage appeared on the beam of Specimen P4-NF. The above
explanation was well supported by the data of SGs which were bonded on the stirrups
close to the fixed-end. The tensile strain in this stirrup of Specimen P4-NF (6,391 pe)
was higher than that of Specimen M1-NF (3,904 pe) at 3.3 m/s impact. It is attributed
to higher shear stress concentrated at the fixed-end of Specimen P4-NF, compared to
that of Specimen M1-NF. This phenomenon only occurred on the beam under impact
loading due to the local stress wave which appeared around the impact point [164].
The impact forces induced the shear cracks on the beam of both joint types, as
illustrated in Figs. 6-9(a) and 6-9(e). Therefore, it can be concluded that the shear
damage needs to be considered when beam-column joints are designed to resist impact

loading.

Fig. 6-10 shows the data of SGs attached to the longitudinal reinforcements. The
maximum strain of the reinforcements in Specimens M1-NF and P4-NF at 2.5 m/s and
3.3 m/s impacts was 7,107 pe and 8,775 pe, respectively. These values reached only
35% of the nominal strain at the break strength (25,238 pe). It is noted that the above
nominal strain was determined based on the information provided by the supplier
(Table 6-2). The strain of GFRP reinforcements under impact test was approximately
2.2 times higher than that of steel reinforcements under cyclic tests [46]. It is attributed
to the lower elastic modulus (53 GPa) of GFRP reinforcements, compared to that of
steel reinforcements (210 GPa). The above results indicated that there was no failure
of the longitudinal reinforcements in the beam of Specimens M1-NF and P4-NF up to
3.3 m/s impact. In addition, the strain of stirrups at the joint area did not reach their
nominal strain of 23,543 pe either. Therefore, the main damage of these two specimens
was not governed by GFRP reinforcements but concrete. No sign of failure of GFRP

reinforcements was observed during and after the tests.
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Fig. 6-10. Strain of longitudinal reinforcements on the beams of Specimens M1-NF
and P4-NF.

6.3.1.3 Impact forces and reaction forces

The impact forces and reaction forces are critical parameters to evaluate the joint
performance under impact loading. Fig. 6-11 illustrates the impact force-time histories
of the monolithic and dry joints. The peak impact forces of Specimens M1-NF and P4-

NF occurred at the first stage of the impact process, as described in Section 6.3.1.

As shown in Fig. 6-11(a), the impact force increased sharply after the impactor struck
on the beam of Specimen M1-NF to the peak value of 167 kN at approximately 0.5
ms. When the impact velocity increased from 2.5 m/s to 3.3 m/s, the peak impact force
also increased from 167 kN to 201 kN. Nevertheless, if the specimen was impacted
the second time with the impact velocity of 3.3 m/s, the peak impact forces were almost
unchanged, i.e. 201 kN in the first 3.3 m/s impact and 197 kN in the second 3.3 m/s
impact. This observation indicated that the peak impact forces depended on the
velocity or impact energy of the pendulum impact system. The finding was also
consistent with the results of the previous study [166]. It is worth noting that there
were three peak impact forces (see Fig 6-11) in the first stage which also were observed
in the previous studies [166, 170, 176]. The first peak impact forces of Specimen M1-
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NF and P4-NF were roughly the same. For instance, the first peak impact forces of
Specimen M1-NF at 2.5 and 3.3 m/s were 167 and 201 kN whereas those of Specimen
P4-NF were 182 and 203 kN, respectively. It is because the peak impact force is
governed by the local stiffness [163] while these two specimens had the same section
and material at the impact points. In addition, the second peak impact force of the
precast specimen as shown in Fig. 6-11 was roughly the same as the first ones while
the second peak force of the monolithic specimen was smaller than the first ones. This
is attributed to the influence of global stiffness. After the first peak impact force, the
stress wave propagated toward the supports and thus the global stiffness affected the
second peak. The global stiffness of the precast specimen was greater than that of the
monolithic specimen because of the great stiffness of the CEP [19, 46]. Therefore, the
second peak impact force of the precast specimen was greater than that of the
monolithic specimen. The third peak impact force was the lowest in the first stage
because the impact energy and joint stiffness decreased after the first and second peaks.
After reaching the third peak impact force, the impact force reduced sharply marking
the end of the first stage of the impact process. The second stage began when the
impact force increased again owing to the second collision between the loading head
and the beam. The duration of this second stage was approximately 37-48 ms with 99-
kN peak impact force at the second 3.3 m/s impact. After Stage 2, the impact forces

gradually reduced to zero and the beam started to vibrate freely.
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Fig. 6-11. Impact force-time histories of Specimens (a) M1-NF and (b) P4-NF.

Fig 6-11(b) shows the impact force-time histories of the dry joint (P4-NF). The first
peak impact force (182 kN) at 2.5 m/s was lower than the first peak impact force (203
kN) at 3.3 m/s because of lower impact energy. After that, although the impact velocity
remained unchanged at the second impact with the velocity of 3.3 m/s, the first peak
impact force reduced from 203 kN to 182 kN. It is attributed to severe damage of the
beam-column joint in the first 3.3 m/s impact. Hence, the stiffness of Specimen P4-NF
decreased and caused the above reduction of the first peak impact force in the second
impact. In addition, three peak impact forces were also observed in the first stage of
the impact process as Specimen M1-NF. For the proposed dry joints, the second and
third peak impact forces might be affected by the global stiffness and thus the
prestressing force of the bolts. A 30-kN prestress force was applied to all the GFRP
bolts to connect the beam and the column. After the dynamic load cell hit the beam,
the beam deflected and there was a joint opening of approximately 0.5-1.5 mm. The
GFRP bolts provided the resistance to the force and pulled the beam back to its original
position. It means the rebound velocity of the beam was in the opposite direction with
the impactor velocity, resulting in a higher second peak impact force, compared to the
first peak impact force. Hence, a conclusion could be made that the local stiffness
mainly affected the first peak impact forces whereas the second and the third peak

impact forces were governed by the global stiffness and the prestress bolts.
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Fig. 6-12 shows the relationship between the impact forces and reaction forces of
Specimens M1-NF and P4-NF under impact loading. It is noted that the impact force
and reaction forces were measured by two different computers, thus, the time lag
cannot be determined and it is removed from the figure. Although Specimens M1-NF
and P4-NF exhibited a similar peak impact force, the peak reaction forces were
different (31 vs 54 kN at 2.5 m/s impact), which indicates the distributed inertia forces
of the two specimens were very different. Under static loads, the reaction forces of the
two specimens would be similar given the same applied load. The peak impact forces
of 167 and 182 kN were respectively recorded for Specimens M1-NF and P4-NF at
2.5 m/s impact. If the time lag is removed and the inertia force is ignored, an estimation
by using the free body diagram analysis gives the peak reaction force of 73 and 80 kN
for Specimens M1-NF and P4-NF, respectively. Based on this comparison, the
dynamic amplification factor (theory/measurement) of the monolithic joint was 2.3

whereas that of the precast joint was between 1.5-1.9.
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Fig. 6-12. Impact forces and reaction forces of Specimens (a) M1-NF and (b) P4-NF.
6.3.1.4 Maximum and residual displacement at the impact point

The image processing was utilized to derive the displacement-time histories of
tracking points on the specimens. The displacement-time histories at the impact point
of Specimens M1-NF and P4-NF are plotted in Fig. 6-13. In general, when the loading
head impacted the beam surfaces, the beams of all the specimens deflected and reached
the peak displacements after 25-40 ms during Stage 2 of the impact process, as shown
in Fig. 6-7. Afterwards, the beam restored its original position. No brittle failure was
observed during the tests. For example, the maximum displacement of Specimen M1-

NF subjected to 2.5 m/s impact was 24 mm at 24 ms. When the impact velocity was
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increased to 3.3 m/s, an increase of the peak displacement was recorded at
approximately 49 mm at 33 ms. Afterwards, 59-mm displacement was measured at the
second 3.3 m/s impact although the peak impact force was almost unchanged. This
response resulted from the degraded joint stiffness induced by the previous impacts.
After Stage 2, the beam of Specimen M1-NF showed the residual displacement which
could be used to evaluate the damage level of this joint. As can be seen in Fig. 6-13
(@), the residual displacements of Specimen M1-NF at 2.5 m/s and 3.3 m/s impacts
were 3 and 6 mm, respectively. It means the beam was capable of going back to its
original position with very small residual displacement. This interesting phenomenon
Is attributed to the linear elastic behaviour of GFRP reinforcements which is different
from the case of steel reinforcements. The use of steel reinforcements always results
in residual displacement once the plastic deformation of the steel material occurs. At
the second 3.3 m/s impact, 10-mm residual displacement was recorded at the impact
point of Specimen M1-NF owing to severe damage (Level Ill) with the concrete

crushing and large flexural cracks at the fixed-end (see in Section 6.3.1.2).
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Fig. 6-13. Displacement-time histories of Specimens (a) M1-NF and (b) P4-NF.

Fig. 6-13(b) depicts the displacement-time histories of Specimen P4-NF. The peak
displacement also occurred in the second stage of the impact process. Same as the M1-
NF, the displacement increased with the impact velocity. The displacement at the
second 3.3 m/s impact also increased even though there was no increment of the impact
forces due to degraded stiffness caused by cracks and partially damaged concrete in
the previous impacts. The peak displacements at 2.5 m/s and the first 3.3 m/s impacts
were measured approximately 13 and 27 mm, respectively which were significantly

lower than those of Specimen M1-NF. This difference resulted from a different lever
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arm and thus stiffness. The lever arm of the monolithic specimen was 360 mm whereas
that of the precast specimen was 160 mm because of the existence of CEP.
Nevertheless, there was more severe damage at the fixed-end and joint area occurring
in Specimen P4-NF, compared to Specimen M1-NF at the second 3.3 m/s impact.
Hence, the maximum displacement of Specimen P4-NF was slightly higher than that
of Specimen M1-NF. In addition, the above responses led to the higher residual
displacement of Specimen P4-NF after 3.3 m/s and second 3.3 m/s impacts, compared
to those of Specimen M1-NF. Interestingly, the displacement of the monolithic
specimen exhibited the free vibration with some oscillation cycles while the vibration
of the precast specimen was damped quickly after the peak displacement. It means that
the precast joint showed better performance in the damping characteristic, compared
to the monolithic joint. It is attributed to the greater energy dissipation in the precast

joint (see more details in Section 6.3.1.5).
6.3.1.5 Energy dissipation

The energy dissipation (ED) of the beam-column joints is a critical parameter to
evaluate the joint performance under the impact loading. For more convenience in data
analysis, the energy was divided into three types which were determined as the closed
area under the loop of the displacement and impact force (see Fig. 6-14). Type 1,
namely work done (WD), marked from the beginning of the impact process to the
moment when the beam started to rebound back to its original position. It was
determined as the closed area from O to A in Fig. 6-14(a). Type 2, namely energy
reversion (ER), indicated the reversion of the energy due to transferring energy to the
supports (the area of the green part in Fig. 6-14(a)), followed by Type 3 when the
energy obtained a plateau value. This plateau value was equal to the ED of the beam-
column joints which was calculated by subtracting ER from WD. It is worth noting
that following the energy conservation law, the WD by the impact force was equal to
the imparted energy which caused the beam deformation, indentation effect,
membrane component, and fracture energy. Also, the WD was equal to the sum of the
ER and ED, as indicated in Fig. 6-14(b).
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As can be seen in Fig. 6-15, WD of Specimen M1-NF was higher than that of Specimen
P4-NF at 2.5 and 3.3 m/s impacts. For example, WD of Specimens M1-NF and P4-NF
at 3.3 m/s impact was 2854 and 2179 kN.mm, respectively. However, at the second
3.3 m/s impact, WD of the dry joint (2651 kKN.mm) was greater than that of the
monolithic joint (2315 kN.mm). This different result could be explained that when
these specimens did not fail at the low velocities of the pendulum system (2.5 and 3.3
m/s), the displacement of the monolithic joint was greater than that of the dry joint
owing to longer lever arm (see more details in Section 6.3.1.4). Severe damage was
observed on the joint and fixed-end areas of Specimen P4-NF at the second 3.3 m/s
impact, compared to Specimen M1-NF. Therefore, the displacement and WD of

Specimen P4-NF were greater than those of Specimen M1-NF at 3.3v2 m/s impact.

In general, ED capacities of the dry joint at 2.5 m/s, 3.3 m/s, and 3.3v2 m/s impacts
were greater than those of monolithic joint with approximately 5%, 3%, and 51%,
respectively. This result is consistent with the ED capacity of these specimens under
cyclic loading [46]. It is attributed to less energy reversion in the dry joint, compared
to the monolithic joint. For example, the energy reversion of Specimen P4-NF at 2.5,
3.3, and 3.3v2 m/s impacts was 31%, 89%, and 68% lower than that of Specimen M1-
NF. In addition, under impact loading, the beam of Specimen P4-NF could
considerably deform due to the joint opening and then vibrated which transferred the
impact energy to kinetic energy. Consequently, the ED capacity of the proposed dry
joint was better than that of the monolithic joint.
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Fig. 6-15. Energy comparison of Specimens M1-NF and P4-NF.

6.3.2 Effects of fibres and different kinds of fibres

This section discusses the test results of the two monolithic joints and two dry joints
with SyFs and StFs. The effects of different fibre types on the joint performance under

impact loading are also discussed.
6.3.2.1 Crack development

In this chapter, SyFs and StFs were utilized to reduce the damage of the beam-column
joints under impact loading. As a result, the joints could survive under higher impact
velocities. For example, Specimens M3-1StF-35 and P6-1StF-35 could respectively
resist the forces at 4.0 m/s and 4.8 m/s impacts whereas both the Specimens M1-NF
and P4-NF were severely damaged at second 3.3 m/s impact. The main cracks on the
specimens with SyFs and StFs also occurred in the first and second stages of the impact
process. In addition, the first crack appeared on the rear face of the beam at the impact
point, and then the cracks propagated to the fixed-end and the joint area, which was
similar to the specimens without fibres. The explanation for this phenomenon can be
found in Section 6.3.1.1. The use of fibres did not prevent the formation of the first
flexural crack. However, the presence of the fibres prevented the formation of the shear

cracks on the beams and concrete spalling at the zone above the fixed-end.
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For Specimen M3-1StF-35, no shear cracks and concrete spalling were observed on
the beam up to 3.3v3 m/s impact while these damage modes appeared on the beam of
Specimen M1-NF (see Figs. 6-Al and 6-A2 in the appendix). The presence of StFs
changed the damage patterns of the beams from a combination of the shear and flexural
cracks to only flexural cracks which were also reported in the previous study where
the use of steel fibres also changed the damage mode of fibre reinforced geopolymer
beams under impact loading [177]. Furthermore, this observation indicated that adding
fibres into the concrete mixture provides higher shear resistance, compared to flexural
resistance. The flexural cracks occurred firstly at the fixed-end and then developed
upwards on the beam length between the fixed-end and impact point. This trend was a
result of higher bending moment at the fixed-end, compared to other regions of the
beam under the global performance. On the other hand, almost no new cracks appeared
after 3.3 m/s impact. The cracks at the fixed-end and joint area developed in length
and width causing failure (Level 1V with 41-mm residual displacement) after 4.0 m/s

impact.

The application of SyFs and StFs in the two dry joints (P5-1SyF-48 and P6-1StF-35)
effectively mitigated the shear cracks and concrete spalling. This phenomenon is
attributed to the bridging effect of the fibres under impact loading. Therefore, less
damage was observed at the same impact velocity, compared to Specimen P4-NF. In
general, the crack development on Specimens P5-1SyF-48 and P6-1StF-35 was
different from that of Specimen P4-NF. Vertical cracks and shear key failure on the
column were observed on the specimens with fibres during the impact test. These
phenomena did not happen to Specimen P4-NF. There were two reasons to explain
this difference. (1) The presence of the fibres made Beam A and the CEP stiffer,
compared to those with no fibres. (2) There were no fibres in the column of the precast
specimens which resulted in the column relatively weaker compared to the CEP. The
plain concrete was used for the columns considering reports from the previous studies
[19, 46] that the columns were very strong showing no cracks under cyclic tests.
Consequently, the cracks shifted from only appearing on the beams of the specimen
without fibres to occurring on both of the beams and columns of the specimen with
fibres under impact loading. In addition, only one shear key on the column made of

plain concrete was damaged due to the joint opening.
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The use of StFs showed better crack resistance under impact loading. Therefore,
Specimen P6-1StF-35 showed less damage at the second 4.0 m/s impact, compared to
Specimen P5-1SyF-48 at the same impact velocity. As shown in Figs. 6-A3(44.3ms)
and 6-A3(42.0ms) in the appendix, the number of cracks on Specimen P6-1StF-35 was
less than those on Specimen P5-1SyF-48. This result is attributed to the higher elastic
modulus and better anchorage of StFs, compared to those of SyFs. The elastic modulus
of StFs was 210 GPa while that of SyFs was only 12 GPa. Additionally, the SyFs were
crimped and straight whereas hooked-ends StFs were used which provided better

bonding and anchorage to concrete (see Figs. 6-6(a) and 6-6(b)).
6.3.2.2 Crack patterns and failure modes

This section adopted the definition of damage level in Section 6.3.1.2 to evaluate the
failure modes of the specimens under impact loading. In general, the specimens with
fibres showed smaller residual displacement as compared to the reference specimen
under the same impact velocity. The maximum residual displacements at the impact
point of Specimens M3-1StF-35, P5-1SyF-48, and P6-1StF-35 were 41, 40, and 63
mm, respectively. Figs. 6-16 and 6-17 compare the damage levels of the monolithic
and precast specimens with fibres and no fibres. As previously mentioned in Section
6.3.2.1, the presence of fibres changed the damage modes of the beam-column joints.
The main damage location of Specimen M1-NF was on the beam. The flexural cracks
at fixed-end, concrete crushing, and concrete spalling governed the main damage of
this specimen. Meanwhile, the damage patterns of Specimens M2-1SyF-48 and M3-
1StF-35 were different from those of Specimen M1-NF. The damage mode was
governed by a combination of the beam and joint damage (M2-1SyF-48 and M3-1StF-
35). The bridging effects of the fibres increased the stress distribution on the
monolithic joints which caused the above change of the damage modes. For example,
in Specimen M3-1StF-35, the strain of a stirrup in the joint area was 3,029 e at 4.0
m/s impact. This value was still lower than the nominal strain of the stirrups (23,543
pe). Therefore, the stirrups did not govern the main damage at the joint area of
Specimen M3-1StF-35. The big inclined cracks of concrete at the joint were the main
damage of Specimen M3-1StF-35 (see Fig. 6-16(e)). For the damage at the fixed-end
of Specimen M3-1StF-35, the flexural cracks significantly opened at 4.0 m/s impact

which induced the main damage in this location. On the other hand, Specimen M2-
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1SyF-48 also failed due to the flexural cracks and inclined cracks. These damage
modes were similar to Specimen M3-1StF-35 but at a lower impact velocity, i.e., the
third 3.3 m/s impact. Additionally, more severe concrete crushing was observed on
Specimen M2-1SyF-48, compared to that of Specimen M3-1StF-35 due to better
performance of StFs as compared to SyFs (see Fig. 6-16).

M1-NF b M3-1StF-35
3.3v2 m/s ;i 4.0 m/s

Fig. 6-16. Damage modes of the monolithic specimens.
(No fibres vs fibres; Synthetic fibres vs steel fibres).

For the precast specimens, the presence of fibres also changed the damage patterns
from a combination of the beam and joint damage to the damage at the fixed-end of
the beam. This trend was opposite to that of the monolithic specimens. This result
could be explained that the presence of fibres significantly improved the shear
resistance of the CEP. As a result, flexural stress at fixed-end reached its ultimate
flexural strength before concrete reaching the ultimate shear strength in the CEP.
Nevertheless, fewer inclined cracks were noticed in the CEP of Specimens P5-1SyF-
48 and P6-1StF-35, as depicted in Figs. 6-17(c) and 6-17(e). Based on Fig. 6-17, there
was no shear damage on the beam of Specimens P5-1SyF-48 and P6-1StF-35 while
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severe shear damage was observed in the beam of Specimen P4-NF. This phenomenon
was a result of the enhancement of the shear resistance of SFRC and SyFRC, as
previously explained in Section 6.3.2.1. Pull-out and rupture failures of the fibres
regulated the main failure of SyFs whereas only pull-out failure accounted for the
primary failure of StFs. It was because the tensile strength of SyFs (640 MPa) was
lower than that of StFs (1,345 MPa). Based on the above discussions, it could be
concluded that (1) the presence of SyFs and StFs significantly reduced the damage
level (concrete crushing, concrete spalling, and shear cracks); (2) the use of the fibres
changed the damage modes of the monolithic and dry joint; (3) and the application of
StFs showed better performance, compared to those of SyFs.

P4-NF f P5-1SyF-48 7 P6-1StF-35
3.3v2 m/s ; Wi 4.0v2 m/s 2 4.8 m/s

Fig. 6-17. Damage modes of the precast specimens.
(No fibres vs fibres; SyFs vs StFs).

Interestingly, the brittle failures did not occur on the beam-column joints during the
test even though all the steel reinforcements and steel bolts were replaced by the GFRP

reinforcements and GFRP bolts, respectively. The joints using GFRP reinforcements
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showed ductile performance under impact loading. The beams could rebound back to
their original positions as shown in Figs. 6-13 and 6-20. This observation was different
from a common belief [62, 134] that the application of FRP materials could cause
brittle failure for structures due to the linear behaviour of FRP materials. The GFRP
reinforcements in this chapter failed due to splitting because of the excessive
displacement of the beam as shown in Fig. 6-17(f). No rupture failure on the GFRP

reinforcements was found during the tests.
6.3.2.3 Impact force-time history

According to Chapter 3, the addition of 1% StFs improved the peak loading capacity
by approximately 18% under cyclic loading. Meanwhile, the impact forces of the
specimens with the fibres (SyFs and StFs) were almost similar to the specimen without
fibre (see Figs. 6-11, 6-18, and 6-19). For instance, the peak impact force of Specimen
M3-1StF-35 at 3.3 m/s impact was 208 kN while that of Specimen M1-NF were 201
KN. It means the use of fibres did not noticeably increase the peak impact forces. This
observation could be explained that the peak impact forces were affected by the local
stiffness and contact stiffness between the loading head and beam surfaces [163] while
the application of the fibres did not considerably improve these stiffnesses. Three peak
impact forces were also observed in the specimens with fibres in the first stage of the
impact process. The reasons for this observation were previously explained in Section
6.3.1.3.
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Fig. 6-18. Impact forces of Specimen M3-1StF-35.
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The impact force-time histories of the specimens with fibres are presented in Figs. 6-
18 and 6-19. For the monolithic joints, the peak impact forces of Specimen M2-1SyF-
48 were closely analogous to Specimen M3-1StF-35. For example, the peak impact
forces of these specimens were around 200 kN at 3.3, 3.3v2, and 3.3v3 m/s impacts.
For the precast joints, the first peak impact forces of Specimen P6-1StF-35 (e.g., 247
kN at 4.0 m/s impact) were slightly higher than those of Specimen P5-1SyF-48 (e.g.,
238 kN at 4.0 m/s impact), as illustrated in Fig. 6-19. This minor variation is attributed
to testing variation, which is a result of different impact velocities (4.0 m/s of
Specimen P6-1StF-35 and 3.86 m/s of Specimen P5-1SyF-48). In addition, steel fibres
showed better bridging effect than synthetic fibres and thus Specimen P6-1StF-35
exhibited less local damage (less number of cracks near the impact region) as
compared to that of P5-1SyF-48. This phenomenon is also attributed to a minor

reduction in the impact force at 4.0 m/s impact.
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Fig. 6-19. Impact forces of two precast joints with fibres (a) P5-1SyF-48 and (b) P6-
1StF-35.

6.3.2.4 Maximum and residual displacement at the impact point

Fig. 6-20 shows the displacement-time histories at the impact point of the monolithic
and dry joints with SyFs and StFs. In general, the presence of the fibres effectively
reduced the peak displacement of the beams at high impact velocities. As can be seen
in Figs. 6-16 and 6-17, the use of the fibres considerably mitigated the number of
cracks and concrete crushing on the beams and joint areas due to the bridging effect of
the fibres. As a result, smaller displacement was observed on the specimens with

fibres. For instance, the maximum displacements of Specimen M2-1SyF-48 at 3.3 m/s
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and 3.3v2 m/s impacts were respectively approximately 41 mm and 47 mm which were
smaller than the corresponding displacement of Specimen M1-NF (49 mm and 59
mm). This observation was also found in the precast specimens. For example, 14 mm
and 16 mm were the maximum displacement of Specimen P6-1StF-35 at 3.3 m/s and
3.3v2 m/s impacts whereas those of Specimen P4-NF were 27 mm and 63 mm,
respectively. As expected, the presence of fibres also effectively reduced the residual
displacement of the beams. For instance, the residual displacements of Specimen P4-
NF at 3.3 m/s and 3.3v2 m/s impacts were approximately 8 mm and 11 mm while those
of Specimen P6-1StF-35 were almost zero. Consequently, the specimens with fibres
could survive higher impact velocities. For instance, the precast joint with StFs (P6-
1StF-35) failed at 4.8 m/s impact whereas the precast joint without fibres (P4-NF)
showed severe damage and failure at the second 3.3 m/s impact. In addition, the
displacements of the specimens with fibres and without fibres at a low impact velocity
(2.5 m/s) were quite similar because the fibres did not activate its function in this low
impact velocity as the displacements of the specimens were still minor and cracks had
not opened yet. Hence, the maximum displacements of Specimens M1-NF and M2-

1SyF-48 at 2.5 m/s impact were almost identical at about 24 mm.

To evaluate the effectiveness of the application of SyFs to replace StFs in the proposed
dry joints, a comparison was conducted between Fig. 6-20(b) and Fig. 6-20(c). From
2.5 m/s impact to 3.3v2 m/s impact, the maximum displacement of Specimen P5-
1SyF-48 was closely analogous to Specimen P6-1StF-35 with approximately 9.5 mm
at 2.5 m/s impact and 16.5 mm at 3.3v2 m/s impact. This was because both SyFs and
StFs did not activate yet at 2.5 m/s impact or just activated at 3.3 and 3.3v2 m/s
impacts. No pull-out and rupture failures of the fibres were observed in the tests under
these impact velocities. Afterwards, the concrete crushing and flexural cracks at the
fixed-end and a combination of the shear and tensile cracks at the CEP significantly
developed in the beams and joint areas which caused the greater peak displacements
on the beam of Specimen P5-1SyF-48, compared to those of Specimen P6-1StF-35.
As a result, Specimen P5-1SyF-48 failed at second 4.0 m/s impact with a large residual
displacement of 40 mm whereas Specimen P6-1StF-35 still survived at this impact
with only a 5-mm residual displacement. This different response could be explained
by the two following reasons: (1) the elastic modulus (210 GPa) and hooked-end

anchorage of StFs are more effective than the elastic modulus (12 GPa) and straight
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anchorage of SyFs and (2) the use of SFRC with higher tensile strength (7.3 MPa),
compared to the tensile strength of SyFRC (6 MPa), 22% improvement, showed better
performance in resisting the shear and tensile cracks. Therefore, it could be concluded
that the application of StFs and SyFs exhibited a similar displacement at the low impact
velocities. Meanwhile, the use of StFs showed a better behaviour at high impact
velocities compared to SyFs.

% M2-1SyF-48 P5-1SyF-48
m [ 1 ' Y p—rs %0 '_m ‘ [ ‘ T —25ms
80 - —33m/s 80t —3.3mls
3.3v2mis 3.3v2 m/s
70 F 3.3vam/s 70+ ——40m/s
E- .E 4 Ov2 m/s
560 r £ 60 - 1
E 50 | E50
3 40 Eaot
o o
] 5 oonl
@. 30 .& 30
B 20 Q30|
10 M 10f
o 1 0
0 25 50 75 100 15( 0 25 50 75 100 15
Time (ms) Time (ms)

P6-1StF-35
m ' ‘ ' " [—2z5ms
L —3.3m/s
3.3v2 m/s
—d4.0mis

—4.0v2 m/s
——48m/s

® O
[=I = ]

-~
o
T

o
T

Displacement (mm)
[ - (4] [=2]
o o o

N
o
T

0 2I5 56 7I5 1(;0 150
Time (ms)
Fig. 6-20. Displacement-time histories of Specimens (a) M2-1SyF-48, (b) P5-1SyF-
48, and (c) P6-1StF-35.

6.3.2.5 Energy dissipation

Fig. 6-21 shows the energy dissipations of the specimens with the fibres. For brevity,
the WD and ER were not shown in this figure. In general, the presence of fibres
mitigated the damage so the specimens with fibres could resist the impact force and
dissipate higher impact energies. For instance, Specimen P5-1SyF-48 could resist the

impact load up to the second 4.0 m/s impact while Specimen P4-NF showed severe
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damage at the second 3.3 m/s impact. In addition, the use of fibres reduced the ED
capacity at the same impact velocities (i.e., 3.3 and 3.3v2 m/s impacts), compared to
specimens without fibres (i.e., M1-NF and P4-NF), as illustrated in Figs. 6-15 and 6-
21. It is attributed to smaller displacements and less damage of the beam of the
specimens with the fibres, which affected the ED (see in Section 6.3.2.4). Another
comparison of the ED capacity was carried out between Specimens P5-1SyF-48 and
P6-1StF-35 to evaluate the effectiveness of SyFs and StFs in the beam-column joints.
As can be seen in Fig. 6-21, Specimen P6-1StF-35 exhibited less ED capacity than
Specimen P5-1SyF-48 by approximately 6-30% at the same impact velocities. It is
also attributed to the better performance of StFs in mitigating cracks, compared to
SyFs, as discussed in Section 6.3.2.2.

P6-15tF-35

M2-1SyF-48 P5-1SyF-48

25m/s 33m/s 33v2 33v3 33m/s 33v2Z 4m/s 4v2m/s 25m/s 3.3m/s 3.3v2 4 m/s
m/s m/s m/s m/s

Note: Unit is KN.mm
Owing to the loss of impact force data, ED at some pendulum impact velocities

was not reported in this figure.

Fig. 6-21. Energy dissipation comparison of Specimens M2-1SyF-48, P5-1SyF-48,
and P6-1StF-35.

6.4 Summary

This chapter investigated the performance of monolithic and dry joints made of normal
and fibre reinforced concrete under impact loading. The proposed dry joints with fibres
showed excellent performance in terms of the damage level, displacement, and ED
compared to the reference monolithic joint. The findings from this chapter can be

summarized as follows:
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Excellent ductility with no brittle failure was observed in the beam-column
joints under impact loading when steel reinforcements were replaced by GFRP
reinforcements. The beams could rebound back to its original position with
very low residual displacement.

The use of GFRP bolts did not only effectively resolve corrosion damage as
often observed in precast joints with conventional steel bolts, but also
effectively mitigated the residual joint opening because of the higher strength
and linear elastic behaviour of GFRP. This performance is superior compared
to the application of steel bolts which has lower yield strength, therefore, is
more vulnerable to yield and hence leads to a residual opening.

The energy dissipation of the proposed dry joint was greater than that of the
monolithic joint up to 51%.

The shear damage significantly affected the failure mode of the beam-column
joints subjected to impact loading. Therefore, it needs to be carefully
considered when designing the joints. The application of fibres is a potential
solution to enhance the shear resistance.

The presence of steel fibres (StFs) and synthetic fibres (SyFs) effectively
mitigated the damage level (concrete crushing, concrete spalling, and shear
cracks), lateral displacement (up to 21% for the monolithic joint and 74% for
the dry joint at the second 3.3 m/s impact), and residual displacement (up to
57% for the monolithic joint and 93% for the dry joint at the second 3.3 m/s
impact). Nevertheless, the peak impact forces were not considerably affected
by the use of fibres because the application of the fibres did not considerably
improve the local stiffness and contact stiffness.

The use of SyFs showed greater energy dissipation than StFs, approximately
6-30% higher at the same impact velocity. Meanwhile, the application of StFs
showed better performance in reducing the damage and displacement of the
joint subjected to higher impact loads.

All the specimens under impact loading showed local response dominance with
the large displacement at the impact point in the early stage of impact up to 2.5
ms. This response was not observed under cyclic loading.

High prestress forces can be applied on the FRP bolts with a hydraulic jack and
a steel chair which effectively resolves the disadvantages of the conventional

method with the use of a torque wrench.
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In general, the impact behaviour of the beam-column joints under impact loads
was very different from that under cyclic loads. The proposed dry joints with the
GFRP bolts, GFRP reinforcements, and fibres showed better performance
compared to the corresponding monolithic joint under impact loading. Therefore,
this dry joint type could be potentially applied in construction to effectively replace
the conventional monolithic joint and reduce the construction time, construction
cost, and enhance the construction quality. It is also easy to be repaired or replaced

after deterioration and damage.
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CHAPTER 7: CONCLUSIONS AND RECOMMENDATIONS
7.1 Findings

This dissertation successfully developed and proposed new sustainable and resilient
dry and hybrid joints with excellent behaviours under earthquake and impact loads.
Various new and advanced materials were applied in this dissertation such as
GFRP/CFRP bolts, GFRP reinforcements, synthetic (plastic) fibres, and GPC to
mitigate corrosion damage and reduce environmental impact. The proposed precast
joints were tested under cyclic and impact loading conditions. Subsequently, the
results were compared with those of the conventional monolithic joints to evaluate the
performances of the proposed precast joints. After studying the joint performances
based on the experimental results, new analytical models were proposed to assist
engineers to design the precast joints using OPC, SFRC, and GPC. In addition, 3D
finite element models of the precast joints were built and validated against the
experimental results to examine some assumptions in the analytical models. Some
parameters which could not be straightforwardly measured from the experiments were
studied from the results of the numerical models. Finally, parametric studies were
conducted to determine the optimal value of CEP thickness. The main findings of this

dissertation are summarised as follows:
Experimental studies

1. The proposed dry and hybrid joints showed excellent performances in terms
of the loading capacity, drift ratio, ductility, stiffness, and energy dissipation,
compared to the conventional monolithic joints. Therefore, they can effectively
replace monolithic joints in earthquake and non-earthquake prone areas with

many benefits.

2. Shear and tensile cracks at the middle zone of CEP primarily governed the
main failure modes of the proposed dry joints under cyclic loading. This
conclusion was different from the report of the previous study of Sagan [14]
which reported that compression strut failure governed the main failure mode of
the dry joint with CEP and bolts.
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3. The application of FRP in this study shows outstanding behaviours. No brittle
failure was observed during the tests. In addition, the use of FRP bolts, FRP
plates, and FRP reinforcements did not only effectively resolve corrosion
damage as often observed in precast joints with conventional steel connecting
parts, but also effectively reduce the residual joint opening and residual
displacement. This excellent performance is attributed to the higher strength and
linear elastic behaviour of FRP material. This performance is impressive
compared to the application of steel bolts and reinforcements which have lower
yield strength, therefore, become more vulnerable to yielding and hence lead to
a residual joint opening and residual displacement.

4. The high prestress forces in bolts could not only increase the maximum
applied load but also reduce the joint opening of the proposed precast joints.
Meanwhile, the initial stiffness of the precast joints is not affected by the
prestress levels in the bolts.

5. GPC could potentially replace OPC, which helps to recycle industrial wastes
and reduce CO; footprint. The crack development and crack patterns of OPC and
GPC beam-column joints were similar before reaching the maximum applied
loads. However, brittle failure was observed on the GPC specimens after
reaching the peak load due to the brittleness characteristic of GPC. Therefore,
the ductility of plain GPC specimens was lower than that of plain OPC
specimens by approximately 23-43%. To increase the ductility of GPC
specimens, the application of fibre reinforced concrete is a promising solution.

6. The presence of different fibre types (steel or synthetic) effectively mitigated
the damage level (concrete crushing, concrete spalling, and shear cracks), lateral
displacement, and residual displacement under impact loading. The peak impact
forces were not considerably affected by the use of fibres because the application
of the fibres did not considerably change the local stiffness and contact stiffness.
Meanwhile, the use of fibres increased the load-carrying capacity and drift ratio

of the proposed precast joints under cyclic loading.

7. The shear damage significantly affected the failure mode of the beam-column
joints subjected to impact load. Therefore, it needs to be carefully considered
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when designing the joints. The application of fibres is a potential solution to
enhance the shear resistance.

Analytical studies

1. The current standards and models such as ACI 318-11 [72], BS EN 1998-1-
04 [88], lower-Al1J-2010 [89], and Hwang and Lee [90] can not be used to predict
the capacity of the proposed precast joints. High variations of up to 96% were

observed in this dissertation.

2. The proposed strut-tie model in the previous study of Sagan [14] and Hanaor
and Ben-Arroyo [13] could neither explain the failure modes nor estimate the
maximum applied load of the proposed precast joints in this project due to the

different failure modes.

3. The newly proposed analytical model in this study could well predict the main
failure mode, failure position, and the loading capacity of the precast joints made
of OPC, SFRC, or GPC. Therefore, the proposed analytical model can be used

to design the proposed precast joints.
Numerical simulation

1. The application of the common concrete damage plasticity model for concrete
could not capture the shear failure of the proposed precast joints while the
modified concrete model which was proposed by Feng et al. [145] and Feng et
al. [155] could be used to capture well the failure mode and peak load of the

proposed precast joints with a marginal variation of 4.1-6.7%.

2. The numerical results proved that the shear and tensile stress in the middle
zone of CEP mainly governed the failure modes of the dry joints. Therefore, the
assumptions in the proposed analytical models [24, 46] and the experimental

results were numerically confirmed.

3. Based on the results of the numerical simulation, it can be concluded that the
CEP thickness significantly affected the performances of the precast joints, such

as failure mode, DR, loading capacity, and ED. In addition, the numerical results

222



suggested that the thickness ratio of CEP/Beam= 1.3 was an optimal value of the
CEP thickness to be considered in the design of this dry joint type.

7.2 Recommendation for future works

The findings reported in this dissertation paved a way to further research for wide
application of the proposed dry and hybrid joints in practice. The following research
topics are recommended:

For the experiment

- The performances of GPC dry and monolithic joints have been extensively
investigated but not those of GPC hybrid joints. Therefore, investigating the

performances of GPC hybrid joints could be a potential topic.

- The performances of the proposed dry and hybrid joints under impact loading
are a new topic in the literature. It would be interesting to examine some
parameters which may affect the precast joint performance including velocity
and weight of impactor, CEP thickness, prestress level, and position of impact

points.
For analytical model

Proposing an analytical model to predict the peak impact forces needs to be done

in future studies.
For numerical simulation

There has been no study investigating the joint performances under blast load in
the literature. Therefore, studies on blast responses of beam-column joints may
be a promising topic for future work. However, it is challenging to conduct
experiments to investigate blast performances of the beam-column joints due to
the limitation of the experimental equipment. The use of numerical simulation

is a potential method to overcome this difficulty.
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APPENDIX I: FIGURES IN CHAPTER 6

See Figs. 6-Al, 6-A2, and 6-A3.
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Concrete Concrete
crushing crushing

Note: Highlighted lines at 3.3 m/s indicated new cracks occurred at this impact which

did not appear under 2.5 m/s impact

Fig. 6-Al. Crack development of Specimens M1-NF and P4-NF at 2.5 m/s and 3.3

m/s.

3.3 m/s 3.3v3 m/s
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2.5 m/s 3.3 m/s 3.3v3 m/s

Fig. 6-A2. Crack development of Specimen M3-1StF-35.
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42.0 ms

Fig. 6-A3. Crack development of Specimens P5-1SyF-48 and P6-1StF-35.
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